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Abstract: This topic covers various aspects of seismic design of reinforced concrete structures with an emphasis on
Design for regions of high seismicity. Because the requirement for greater ductility in earthquake-resistant
Buildings represents the principal departure from the conventional design for gravity and wind loading, the
Major part of the discussion in this chapter will be devoted to considerations associated with providing
Ductility in members and structures. The discussion in this chapter will be confined to monolithically cast
Reinforced-concrete buildings. The concepts of seismic demand and capacity are introduced and elaborated
On. Specific provisions for design of seismic resistant reinforced concrete members and systems are
Presented in detail. Appropriate seismic detailing considerations are discussed. Finally, a numerical example
is presented where these principles are applied.

1

INTRODUCTION

1.1

The Basic Problem

The problem of designing earthquakeResistant reinforced concrete buildings, like the
Design of structures (whether of concrete, steel,
Or other material) for other loading conditions,
Is basically one of defining the anticipated?
forces and/or deformations in a preliminary
design and providing for these by proper
proportioning and detailing of members and
their connections. Designing a structure to resist
the expected loading(s) is generally aimed at
satisfying established or prescribed safety and
serviceability criteria. This is the general
approach to engineering design. The process
thus consists of determining the expected
demands and providing the necessary capacity
to meet these demands for a specific structure.
Adjustments to the preliminary design may
likely be indicated on the basis of results of the
analysis-design-evaluation sequence
characterizing the iterative process that
eventually converges to the final design.
Successful experience with similar structures
should increase the efficiency of the design
process.
In earthquake-resistant design, the problem
is complicated somewhat by the greater
uncertainty surrounding the estimation of the
appropriate design loads as well as the
capacities of structural elements and
connections. However, information
accumulated during the last three decades from
analytical and experimental studies, as well as
evaluations of structural behavior during recent
earthquakes, has provided a strong basis for
dealing with this particular problem in a more
rational manner. As with other developing
fields of knowledge, refinements in design
approach can be expected as more information
is accumulated on earthquakes and on the
response of party collar structural configurations
to earthquake-type loadings.
As in design for other loading conditions,
attention in design is generally focused on those
areas in a structure which analysis and

Experience indicates are or will likely be
Subjected to the most severe demands. Special
Emphasis is placed on those regions whose
Failure can affect the integrity and stability of a
Significant portion of the structure.
1.2

Design for Inertial Effects

Earthquake-resistant design of buildings is
Intended primarily to provide for the inertial
Effects associated with the waves of distortion
that characterizes dynamic response to ground
shaking. These effects account for most of the
damage resulting from earthquakes. In a few
cases, significant damage has resulted from
conditions where inertial effects in the structure
were negligible. Examples of these latter cases
occurred in the excessive tilting of several
multistory buildings in Niigata, Japan, during
the earthquake of June 16, 1964, as a result of
the liquefaction of the sand on which the
buildings were founded, and the loss of a
number of residences due to large landslides in
the Turn again Heights area in Anchorage,
Alaska, during the March 28, 1964 earthquake.
Both of the above effects, which result from
ground motions due to the passage of seismic
waves, are usually referred to as secondary
effects. They are distinguished from so-called
primary effects, which are due directly to the
causative process, such as faulting (or volcanic
action, in the case of earthquakes of volcanic
origin).
1.3

Estimates of Demand

Estimates of force and deformation demands
in critical regions of structures have been based
on dynamic analyses—first, of simple systems,
and second , on inelastic analyses of more
complex structural configurations. The latter
approach has allowed estimation of force and
deformation demands in local regions of
specific structural models. Dynamic inelastic
analyses of models of representative structures
have been used to generate information on the
variation of demand with major structural as
well as ground-motion parameters. Such an
effort involves consideration of the practical

range of values of the principal structural
parameters as well as the expected range of
variation of the ground-motion parameters.
Structural parameters include the structure
fundamental period, principal member yield
levels, and force—displacement characteristics;
input motions of reasonable duration and
varying intensity and frequency characteristics
normally have to be considered.
A major source of uncertainty in the process
of estimating demands is the characterization of
the design earthquake in terms of intensity,
frequency characteristics, and duration of largeamplitude pulses. Estimates of the intensity of
ground shaking that can be expected at
particular sites have generally been based on
historical records. Variations in frequency
characteristics and duration can be included in
an analysis by considering an ensemble of
representative input motions.
Useful information on demands has also
been obtained from tests on specimens
subjected to simulated earthquake motions
using shaking tables and, the pseudo-dynamic
method of testing. The latter method is a
combination of the so-called quasi-static, or
slowly reversed, loading test and the dynamic
shaking-table test. In this method, the specimen
is subjected to essentially statically applied
increments of deformation at discrete points,
the magnitudes of which are calculated on the
basis of predetermined earthquake input and the
measured stiffness and estimated damping of
the structure. Each increment of load after the
initial increment is based on the measured
stiffness of the structure during its response to
the imposed loading of the preceding
increment.
1.4

Estimates of Capacity

Proportioning and detailing of critical
regions in earthquake-resistant structures have
mainly been based on results of tests on
laboratory specimens tested by the quasi-static
method, i.e., under slowly reversed cycles of
loading. Data from shaking-table tests and from
pseudo-dynamic tests have also contributed to
the general understanding of structural behavior

under earthquake-type loading. Design and
detailing practice, as it has evolved over the last
two or three decades, has also benefited from
observations of the performance of structures
subjected to actual destructive earthquakes.
Earthquake-resistant design has tended to be
viewed as a special field of study, not only
because many engineers do not have to be
concerned with it, but also because it involves
additional requirements not normally dealt with
in designing for wind. Thus, while it is
generally sufficient to provide adequate
stiffness and strength in designing buildings for
wind, in the case of earthquake-resistant design,
a third basic requirement, that of ductility or
inelastic deformation capacity, must be
considered. This third requirement arises
because it is generally uneconomical to design
most buildings to respond elastically to
moderate-to-strong earthquakes. To survive
such earthquakes, codes require that structures
possess adequate ductility to allow them to
dissipate most of the energy from the ground
motions through inelastic deformations.
However, deformations in the seismic force
resisting system must be controlled to protect
elements of the structure that are not part of the
lateral force resisting system. The fact is that
many elements of the structure that are not
intended as a part of the lateral force resisting
system and are not detailed for ductility will
participate in the lateral force resistant
mechanism and can become severely damaged
as a result. In the case of wind, structures are
generally expected to respond to the design
wind within their ―elastic‖ range of stresses.
When wind loading governs the design (drift or
strength), the structure still should comply with
the appropriate seismic detailing requirements.
This is required in order to provide a ductile
system to resist earthquake forces. Figure 1
attempts to depict the interrelationships
between the various considerations involved in
earthquake-resistant design.

Figure 1.
Components of and considerations in
earthquake-resistant building design

1.5

The Need for a Good Design
Concept and Proper Detailing

Because of the appreciable forces and
deformations that can be expected in critical
regions of structures subjected to strong ground
motions and a basic uncertainty concerning the
intensity and character of the ground motions at
a particular site, a good design concept is
essential at the start. A good design concept
implies a structure with a configuration that
behaves well under earthquake excitation and
designed in a manner that allows it to respond
to strong ground motions according to a
predetermined pattern or sequence of yielding.
The need to start with a sound structural
configuration that minimizes ―incidental‖ and
often substantial increases in member forces
resulting from torsion due to asymmetry or
force concentrations associated with
discontinuities cannot be overemphasized.
Although this idea may not be met with favor
by some architects, clear (mainly economic)
benefits can be derived from structural
configurations emphasizing symmetry,
regularity, and the avoidance of severe
discontinuities in mass, geometry, stiffness, or
strength. A direct path for the lateral (inertial)
forces from the superstructure to an
appropriately designed foundation is very
desirable. On numerous occasions, failure to
take account of the increase in forces and
deformations in certain elements due to torsion
or discontinuities has led to severe structural

distress and even collapse. The provision of
relative strengths in the various types of
elements making up a structure with the aim of
controlling the sequence of yielding in such
elements has been recognized as desirable from
the standpoint of structural safety as well as
minimizing post-earthquake repair work.
An important characteristic of a good design
concept and one intimately tied to the idea of
ductility is structural redundancy. Since
yielding at critically stressed regions and
subsequent redistribution of forces to less
stressed regions is central to the ductile
performance of a structure, good practice
suggests providing as much redundancy as
possible in a structure. In monolithically cast
reinforced concrete structures, redundancy is
normally achieved by continuity between
moment-resisting elements. In addition to
continuity, redundancy or the provision of
multiple load paths may also be accomplished
by using several types of lateral-load-resisting
systems in a building so that a ―backup system‖
can absorb some of the load from a primary
lateral-load-resisting system in the event of a
partial loss of capacity in the latter.
Just as important as a good design concept
is the proper detailing of members and their
connections to achieve the requisite strength
and ductility. Such detailing should aim at
preventing non ductile failures, such as those
associated with shear and with bond anchorage.
In addition, a deliberate effort should be made
to securely tie all parts of a structure that are
intended to act as a unit together. Because
dynamic response to strong earthquakes,
characterized by repeated and reversed cycles
of large-amplitude deformations in critical
elements, tends to concentrate deformation
demands in highly stressed portions of yielding
members, the importance of proper detailing of
potential hinging regions should command as
much attention as the development of a good
design concept. As with most designs but more
so in design for earthquake resistance, where
the relatively large repeated deformations tend
to ―seek and expose,‖ in a manner of speaking,
weaknesses in a structure—the proper field
implementation of engineering drawings

ultimately determines how well a structure
performs under the design loading.
Experience and observation have shown that
properly designed, detailed, and constructed
reinforced-concrete buildings can provide the
necessary strength, stiffness, and inelastic
deformation capacity to perform satisfactorily
under severe earthquake loading.
1.6

Accent on Design for Strong
Earthquakes

The focus in the following discussion will
be on the design of buildings for moderate-tostrong earthquake motions. These cases
correspond roughly to buildings located in
seismic zones 2 ,3 and 4 as defined in the
( 1)
Uniform Building Code (UBC-97).
By
emphasizing design for strong ground motions,
it is hoped that the reader will gain an
appreciation of the special considerations
involved in this most important loading case.
Adjustments for buildings located in regions of
lesser seismic risk will generally involve
relaxation of some of the requirements
associated with highly seismic areas.
Because the requirement for greater ductility
in earthquake-resistant buildings represents the
principal departure from the conventional
design for gravity and wind loading, the major
part of the discussion in this chapter will be
devoted to considerations associated with
providing ductility in members and structures.
The discussion in this chapter will be
confined to monolithically cast reinforcedconcrete buildings.

2

DUCTILITY IN
EARTHQUAKERESISTANT DESIGN

2.1

Design Objective

In general, the design of economical
earthquake resistant structures should aim at
providing the appropriate dynamic and
structural characteristics so that acceptable

levels of response result under the design
earthquake. The magnitude of the maximum
acceptable deformation will vary depending
upon the type of structure and/or its function.
In some structures, such as slender, freestanding towers or smokestacks or suspensiontype buildings consisting of a centrally located
Core wall from which floor slabs are suspended
by means of peripheral hangers, the stability of
the structure is dependent on the stiffness and
integrity of the single major element making up
the structure. For such cases, significant
yielding in the principal element cannot be
tolerated and the design has to be based on an
essentially elastic response.
For most buildings, however, and
particularly those consisting of rigidly
connected frame members and other multiply
redundant structures, economy is achieved by
allowing yielding to take place in some
critically stressed elements under moderate-tostrong earthquakes. This means designing a
building for force levels significantly lower
than would be required to ensure a linearly
elastic response. Analysis and experience have
shown that structures having adequate structural
redundancy can be designed safely to withstand
strong ground motions even if yielding is
allowed to take place in some elements. As a
consequence of allowing inelastic deformations
to take place under strong earthquakes in
structures designed to such reduced force
levels, an additional requirement has resulted
and this is the need to insure that yielding
elements be capable of sustaining adequate
inelastic deformations without significant loss
of strength, i.e., they must possess sufficient
ductility. Thus, where the strength (or yield
level) of a structure is less than that which
would insure a linearly elastic response,
sufficient ductility has to be built in.
2.2

Ductility vs. Yield Level

As a general observation, it can be stated
that for a given earthquake intensity and
structure period, the ductility demand increases
as the strength or yield level of a structure
decreases. To illustrate this point, consider two

vertical cantilever walls having the same initial
fundamental period. For the same mass and
mass distribution, this would imply the same
stiffness properties. This is shown in Figure 2
, where idealized force-deformation curves for
the two structures are marked (1) and (2).
Analyses ( 2, 3 )
have shown that the maximum
lateral displacements of structures with the
same initial fundamental period and reasonable
properties are approximately the same when
subjected to the same input motion. This
phenomenon is largely attributable to the
reduction in local accelerations, and hence
displacements, associated with reductions in
stiffness due to yielding in critically stressed
portions of a structure. Since in a vertical
cantilever the rotation at the base determines to
a large extent the displacements of points above
the base, the same observation concerning
approximate equality of maximum lateral
displacements can be made with respect to
maximum rotations in the hinging region at the
bases of the walls. This can be seen in Figure
3, from Reference 3, which shows results
of dynamic analysis of isolated structural walls
having the same fundamental period (T1 = 1.4
sec) but different yield levels My . The structures
were subjected to the first 10 sec of the east—
west component of the 1940 El Centro record
with intensity normalized to 1.5 times that of
the north—south component of the same

Figure 3.

record. It is seen in Figure 3a that, except for
the structure with a very low yield level (My =
500,000 in.-kips), the maximum displacements
for the different structures are about the same.
The corresponding ductility demands,
expressed as the ratio of the maximum hinge
rotations, ma x to the corresponding rotations at
first yield, y , are shown in Figure b. The
increase in ductility demand with decreasing
yield level is apparent in the figure.

Figure 2.
Decrease in ductility ratio demand with
increase in yield level or strength of a structure.

Effect of yield level on ductility demand. Note approximately equal maximum displacements for structures
with reasonable yield levels. (From 3.)
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A plot showing the variation of rotational
ductility demand at the base of an isolated
structural wall with both the flexural yield level
and the initial fundamental period is shown in
(4 )
Figure 4.
The results shown in Figure
4 were obtained from dynamic inelastic
analysis of models representing 20-story
isolated structural walls subjected to six input
motions of 10-sec duration having different
frequency characteristics and an intensity
normalized to 1.5 times that of the north—south
component of the 1940 El Centro record.
Again, note the increase in ductility demand
with decreasing yield level; also the decrease in
ductility demand with increasing fundamental
period of the structure.

Figure 4.

The above-noted relationship between
strength or yield level and ductility is the basis
for code provisions requiring greater strength
(by specifying higher design lateral forces) for
materials or systems that are deemed to have
less available ductility.
2.3

Some Remarks about Ductility

One should note the distinction between
inelastic deformation demand expressed as a
ductility ratio, µ(as it usually is) on one hand,
and in terms of absolute rotation on the other.
An observation made with respect to one
quantity may not apply to the other. As an
example, Figure 5, from Reference 3,

Rotational ductility demand as a function of initial fundamental period and yield level of 20-story structural
walls. (From Ref. 4.)

shows results of dynamic analysis of two
isolated structural walls having the same yield
level (My = 500,000 in.-kips) but different
stiffness‘s, as reflected in the lower initial
fundamental period T1 of the stiffer structure.
Both structures were subjected to the E—W
component of the 1940 El Centro record. Even
though the maximum rotation for the flexible
structure (with T1 = 2.0 sec) is 3.3 times that
of the stiff structure, the ductility ratio for the
stiff structure is 1.5 times that of the flexible
structure. The latter result is, of course, partly
due to the lower yield rotation of the stiffer
structure.

rotation per unit length. This is discussed in
detail later in this Chapter.
Another important distinction worth noting
with respect to ductility is the difference
between displacement ductility and rotational
ductility. The term displacement ductility refers
to the ratio of the maximum horizontal (or
transverse) displacement of a structure to the
corresponding displacement at first yield. In a
rigid frame or even a single cantilever structure
responding in elastically to earthquake
excitation, the lateral displacement of the
structure is achieved by flexural yielding at
local critically stressed regions. Because of this,
it is reasonable to expect—and results of
( 2, 3, 5 )
analyses bear this out
that
rotational ductility‘s at these critical regions are
generally higher than the associated
displacement ductility. Thus, overall
displacement ductility ratios of 3 to 6 may
imply local rotational ductility demands of 6 to
12 or more in the critically stressed regions of a
structure.
2.4

Figure 5. Rotational ductility ratio versus maximum
absolute rotation as measures of inelastic deformation.

The term ―curvature ductility‖ is also a
commonly used term which is defined as

Results of a Recent Study on
Cantilever Walls

In a recent study by Priestley and Kowalski
(6)
on isolated cantilever walls, it has been
shown that the yield curvature is not directly
proportional to the yield moment; this is in
contrast to that shown in Figure 2 which in
their opinions leads to significant errors. In fact,
they have shown that yield curvature is a
function of the wall length alone, for a given
steel yield stress as indicated in Figure 6.
The strength and stiffness of the wall vary
proportionally as the strength of the section is
changed by varying the amount of flexural
reinforcement and/or the level of axial load.
This implies that the yield curvature, not the
section stiffness, should be considered the
fundamental section property. Since wall yield
curvature is inversely proportional to wall
length, structures containing walls of different
length cannot be designed such that they yield
simultaneously. In addition, it is stated that wall
design should be proportioned to the square of

wall length, L 2 , rather than the current design
assumption, which is based on L 3 .
It should be noted that the above findings
apply to cantilever walls only. Further research
in this area in various aspects is currently
underway at several institutions.

M1

M

In certain members, such as conventionally
reinforced short walls—with height-to-width
ratios of 2 to 3 or less—the very nature of the
principal resisting mechanism would make a
shear-type failure difficult to avoid. Diagonal
reinforcement, in conjunction with horizontal
and vertical reinforcement, has been shown to
improve the performance of such members ( 10 -7) .
3.2

M2
M3

y

Figure 6.

Influence of strength on moment-curvature
relationship (From Ref. 6).

3

BEHAVIOR OF
CONCRETE MEMBERS
UNDER EARTHQUAKETYPE LOADING

3.1

General Objectives of Member
Design

A general objective in the design of
reinforced concrete members is to so proportion
such elements that they not only possess
adequate stiffness and strength but so that the
strength is, to the extent possible, governed by
flexure rather than by shear or bond/anchorage.
Code design requirements are framed with the
intent of allowing members to develop their
flexural or axial load capacity before shear or
bond/anchorage failure occurs. This desirable
feature in conventional reinforced concrete
design becomes imperative in design for
earthquake motions where significant ductility
is required.

Types of Loading Used in
Experiments

The bulk of information on behavior of
reinforced-concrete members under load has
‗generally been obtained from tests of full-size
or near-full-size specimens. The loadings used
in these tests fall under four broad categories,
namely:
1. Static monotonic loading— where load in
one direction only is applied in increments until
failure or excessive deformation occurs. Data
which form the basis for the design of
reinforced concrete members under gravity and
wind loading have been obtained mainly from
this type of test. Results of this test can serve as
bases for comparison with results obtained from
other types of test that are more representative
of earthquake loading.
2. Slowly reversed cyclic (“quasistatic”)
loading —where the specimen is subjected to
(force or deformation) loading cycles of
predetermined amplitude. In most cases, the
load amplitude is progressively increased until
failure occurs. This is shown schematically in
Figure 7a. As mentioned earlier, much of the
data upon which current design procedures for
earthquake resistance are based have been
obtained from tests of this type. In a few cases,
a loading program patterned after analytically
determined dynamic response (8 )
has been
used. The latter, which is depicted in Figure
7b, is usually characterized by large-amplitude
load cycles early in the test, which can produce
early deterioration of the strength of a
specimen.(9 ) In both of the above cases, the
load application points are fixed so that the
moments and shears are always in phase - a
condition, incidentally, that does not always
occur in dynamic response.

Figure 7

Two types of loading program used in quasi-static tests.

This type of test provides the reversing
character of the loading that distinguishes
dynamic response from response to
unidirectional static loading. In addition, the
relatively slow application of the load allows
close observation of the specimen as the test
progresses. However, questions concerning the
effects of the sequence of loading as well as the
phase relationship between moment and shear
associated with this type of test as it is normally
conducted need to be explored further.
3. Pseudo-dynamic tests. In this type of test,
the specimen base is fixed to the test floor while
time-varying displacements determined by an
on-line computer are applied to selected points
on the structure. By coupling loading rams with
a computer that carries out an incremental
dynamic analysis of the specimen response to a
preselected input motion, using measured
stiffness data from the preceding loading
increment and prescribed data on specimen
mass and damping, a more realistic distribution
of horizontal displacements in the test structure
is achieved. The relatively slow rate at which
the loading is imposed allows convenient
inspection of the condition of the structure
during the progress of the test.
This type of test, which has been used
mainly for testing structures, rather than
members or structural elements, requires a
fairly large reaction block to take the thrust
from the many loading rams normally used.

4. Dynamic tests using shaking tables
(earthquake simulators). The most realistic test
conditions are achieved in this setup, where a
specimen is subjected to a properly scaled input
motion while fastened to a test bed impelled by
computer-controlled actuators. Most current
earthquake simulators are capable of imparting
controlled motions in one horizontal direction
and in the vertical direction.
The relatively rapid rate at which the
loading is imposed in a typical dynamic test
generally does not allow close inspection of the
specimen while the test is in progress, although
photographic records can be viewed after the
test. Most currently available earthquake
simulators are limited in their capacity to smallscale models of multistory structures or nearfull-scale models of segments of a structure of
two or three stories. The difficulty of viewing
the progress of damage in a specimen as the
loading is applied and the limited capacity of
available (and costly) earthquake simulators has
tended to favor the recently developed pseudodynamic test as a basic research tool for testing
structural systems.
The effect of progressively increasing lateral
displacements on actual structures has been
studied in a few isolated cases by means of
forced-vibration testing. These tests have
usually been carried out on buildings or
portions of buildings intended for demolition.

3.3

Effects of Different Variables on
the Ductility of Reinforced
Concrete Members

Figure 8 shows typical stress—strain
curves of concrete having different compressive
strengths. The steeper downward slope beyond
the point of maximum stress of curves
corresponding to the higher strength concrete is
worth noting. The greater ductility of the lowerstrength concrete is apparent in the figure.
Typical stress-strain curves for the commonly
available grades of reinforcing steel, with
nominal yield strengths of 60 ksi and 40 ksi, are
shown in Figure 9. Note in the figure that
the ultimate stress is significantly higher than
the yield stress. Since strains well into the
strain-hardening range can occur in hinging
regions of flexural members, stresses in excess
of the nominal yield stress (normally used in
conventional design as the limiting stress in
steel) can develop in the reinforcement at these
locations.

Figure 8.

Typical stress-strain curves for concrete of
varying compressive strengths.

Rate of Loading An increase in the strain
rate of loading is generally accompanied by an
increase in the strength of concrete or the yield
stress of steel. The greater rate of loading
associated with earthquake response, as
compared with static loading, results in a slight
increase in the strength of reinforced concrete
members, due primarily to the increase in the

yield strength of the reinforcement. The
calculation of the strength of reinforced
concrete members in earthquake-resistant
structures on the basis of material properties
obtained by static tests (i.e., normal strain rates
of loading) is thus reasonable and conservative.

Figure 9.

Typical stress-strain curves for ordinary
reinforcing steel.

Confinement Reinforcement The American
Concrete Institute Building Code Requirements
(1 0- 10 )
for Reinforced Concrete,
ACI 318
(hereafter referred to as the ACI Code),
specifies a maximum usable compressive strain
in concrete, ecu of 0.003. Lateral confinement,
whether from active forces such as transverse
compressive loads, or passive restraints from
other framing members or lateral
reinforcement, tends to increase the value of ecu .
Tests have shown that
ecu , can range from
0.0025 for unconfined concrete to about 0.01
for concrete confined by lateral reinforcement
subjected to predominantly axial (concentric)
load. Under eccentric loading, values of ecu for
confined concrete of 0.05 and more have been
observed.( 11, 1 2, 1 3)
Effective lateral confinement of concrete
increases its compressive strength and
deformation capacity in the longitudinal
direction, whether such longitudinal stress
represents a purely axial load or the
compressive component of a bending couple.

In reinforced concrete members, the
confinement commonly takes the form of
lateral ties or spiral reinforcement covered by a
thin shell of concrete. The passive confining
effect of the lateral reinforcement is not
mobilized until the concrete undergoes
sufficient lateral expansion under the action of
compressive forces in the longitudinal
direction. At this stage, the outer shell of
concrete usually has reached its useful load
limit and starts to spall. Because of this, the net
increase in strength of the section due to the
confined core may not amount to much in view
of the loss in capacity of the spalled concrete
cover. In many cases, the total strength of the
confined core may be slightly less than that of
the original section. The increase in ductility
due to effective confining reinforcement,
however, is significant.
The confining action of rectangular hoops
mainly involves reactive forces at the corners,
with only minor restraint provided along the
straight unsupported sides. Because of this,
rectangular hoops are generally not as effective
as circular spiral reinforcement in confining the
concrete core of members subjected to
compressive loads. However, confinement in
rectangular sections can be improved using
additional transverse ties.
Square spirals,
because of their continuity, are slightly better

Figure 10.

than separate rectangular hoops.
The stress—strain characteristics of
concrete, as represented by the maximum
usable compressive strain ecu is important in
designing for ductility of reinforced concrete
members. However, other factors also influence
the ductility of a section: factors which may
increase or diminish the effect of confinement
on the ductility of concrete. Note the distinction
between the ductility of concrete as affected by
confinement and the ductility of a reinforced
concrete section (i.e., sectional ductility) as
influenced by the ductility of the concrete as
well as other factors.
Sectional Ductility A convenient measure of
the ductility of a section subjected to flexure or
combined flexure and axial load is the ratio µ of
the ultimate curvature attainable without
significant loss of strength, f u , to the curvature
corresponding to first yield of the tension
reinforcement, fy . Thus
Sectional ductility, µ =

f
u
f

y

Figure 10, which shows the strains and
resultant forces on a typical reinforced concrete
section under flexure, corresponds to the
condition when the maximum usable
compressive strain in concrete, ecu is reached.
The corresponding curvature is denoted as the

Strains and stresses in a typical reinforced concrete section under flexure at ultimate condition.

ultimate curvature, f u .. It will be seen in the
figure that

f

=
u

e
cu
k d
u

where ku d is the distance from the extreme
compression fiber to the neutral axis.
The variables affecting sectional ductility
may be classified under three groups, namely:
(i) material variables, such as the maximum
usable compressive strain in concrete,
particularly as this is affected by confinement,
and grade of reinforcement; (ii) geometric
variables, such as the amount of tension and
compression reinforcement, and the shape of
the section; (iii) loading variables, such as the
level of the axial load and accompanying shear.
As is apparent from the above expression
for ultimate curvature, factors that tend to
increase ecu or decrease ku d tend to increase
sectional ductility. As mentioned earlier, a
major factor affecting the value of ecu is lateral
confinement. Tests have also indicated that ecu
increases as the distance to the neutral axis
decreases, that is, as the strain gradient across
the section increases (10 -1 4, 10 -15 ) and as the
moment gradient along the span of the member
increases or as the shear span decreases. ( 10 -16 , 1 017 ) (For a given maximum moment, the moment
gradient increases as the distance from the point
of zero moment to the section considered
decreases.)
The presence of compressive reinforcement
and the use of concrete with a high compressive
strength,a as well as the use of flanged sections,
tend to reduce the required depth of the
compressive block, ku d, and hence to increase
the ultimate curvature
f u . In addition, the
compressive reinforcement also helps confine
the concrete compression zone and, in
combination with adequate transverse
reinforcement, allows the spread of the inelastic
action in a hinging region over a longer length
than would otherwise occur, thus improving the
a The

lower ductility of the higher-strength (f ' c >5000 psi ),
however, has been shown to result in a decrease in
sectional ductility, particularly for sections with low
reinforcement indexes. ( 18)

ductility of the member. ( 19 ) On the other hand,
compressive axial loads and large amounts of
tensile reinforcement, especially tensile
reinforcement with a high yield stress, tend to
increase the required ku d and thus decrease the
ultimate curvature f u .
Figure 11 shows axial-load—momentstrength interaction curves for a reinforcedconcrete section subjected to a compressive
axial load and bending about the horizontal
axis. Both confined and unconfined conditions
are assumed. The interaction curve provides a
convenient way of displaying the combinations
of bending moment M and axial load P which a
given section can carry. A point on the
interaction curve is obtained by calculating the
forces M and P associated with an assumed
linear strain distribution across the section,
account being taken of the appropriate stress—
strain relationships for concrete and steel. For
an ultimate load curve, the concrete strain at the
extreme compressive fiber, ec is assumed to be
at the maximum usable strain,
ecu while the
strain in the tensile reinforcement, es , varies. A
loading combination represented by a point on
or inside the interaction curve can be safely
resisted by the section. The balance point in the
interaction curve corresponds to the condition
in which the tensile reinforcement is stressed to
its yield point at the same time that the extreme
concrete fiber reaches its useful limit of
compressive strain. Points on the interaction
curve above the balance point represent
conditions in which the strain in the tensile
reinforcement is less than its yield strain ey , so
that the strength of the section in this range is
governed by failure of the concrete compressive
zone. For those points on the curve below the
balance point, es > ey . Hence, the strength of the
section in this range is governed by rapt ure of
the tensile reinforcement.
Figure 11 also shows the variation of the
ultimate curvature f u (in units of 1 /h) with the
axial load P. It is important to note the greater
ultimate curvature (being a measure of sectional
ductility) associated with values of P less than
that corresponding to the balance condition, for
both unconfined and confined cases. The
significant increase in ultimate curvature

Figure 11.

Axial load-moment interaction and load-curvature curves for a typical reinforced concrete section with
unconfined and confined cores.

resulting from confinement is also worth noting
in Figure 11b.
In the preceding, the flexural deformation
capacity of the hinging region in members was
examined in terms of the curvature at a section,
f , and hence the sectional or curvature ductility.
Using this simple model, it was possible to
arrive at important conclusions concerning the
effects of various parameters on the ductility of
reinforced concrete members. In the hinging
region of members, however, the curvature can
vary widely in value over the length of the
―plastic hinge.‖ Because of this, the total
rotation over the plastic hinge,
, provides a
more meaningful measure of the inelastic
flexural deformation in the hinging regions of
members and one that can be related directly to
experimental measurements. (One can, of
course, speak of average curvature over the
hinging region, i.e., total rotation divided by
length of the plastic hinge.)

Shear The level of shear present can have a
major effect on the ductility of flexural hinging
regions. To study the effect of this variable,
controlled tests of laboratory specimens have
been conducted. This will be discussed further
in the following section.
3.4

Some Results of Experimental and
Analytical Studies on the Behavior
of Reinforced Concrete Members
under Earthquake-Type Loading
and Related Code Provisions

Experimental studies of the behavior of
structural elements under earthquake-type
loading have been concerned mainly with
identifying and/or quantifying the effects of
variables that influence the ability of critically
stressed regions in such specimens to perform
properly. Proper performance means primarily
possessing adequate ductility. In terms of the

478
quasistatic test that has been the most widely
used for this purpose, proper performance
would logically require that these critical
regions be capable of sustaining a minimum
number of deformation cycles of specified
amplitude without significant loss of strength.
In the United States, there is at present no
standard set of performance requirements
corresponding to designated areas of seismic
risk that can be used in connection with the
quasi-static test. Such requirements would have
to specify not only the minimum amplitude
(i.e., ductility ratio) and number of deformation
cycles, but also the sequence of application of
the large-amplitude cycles in relation to any
small-amplitude cycles and the permissible
reduction in strength at the end of the loading.
As mentioned earlier, the bulk of
experimental information on the behavior of
elements under earthquake-type loading has
been obtained by quasi-static tests using
loading cycles of progressively increasing
amplitude, such as is shown schematically in
Figure 10-7a. Adequacy with respect to
ductility for regions of high seismicity has
usually been inferred when displacement
ductility ratios of anywhere from 4 to 6 or
greater were achieved without appreciable loss
( 10 -20 ) moment
of strength. In New Zealand,
resisting frames are designed for a maximum
ductility, µ, of 6 and shear walls are designed
for a maximum ductility of between 2.5 to 5.
Adequate ductile capacity is considered to be
present if all primary that are required to resist
earthquake-induced forces are accordingly
designed and detailed.
In the following, some results of tests and
analyses of typical reinforced-concrete
members will be briefly reviewed. Where
appropriate, related code provisions, mainly
those in Chapter 21 of the ACI Code (1 0- 10 ) are
also discussed.
Beams Under earthquake loading, beams
will generally be most critically stressed at and
near their intersections with the supporting
columns. An exception may be where a heavy
concentrated load is carried at some
intermediate point on the span. As a result, the
focus of attention in the design of beams is on

Chapter 10
these critical regions where plastic hinging can
take place.
At potential hinging regions, the need to
develop and maintain the strength and ductility
of the member through a number of cycles of
reversed inelastic deformation calls for special
attention in design. This special attention relates
mainly to the lateral reinforcement, which takes
the form of closed hoops or spirals. As might be
expected, the requirements governing the
design of lateral reinforcement for potential
hinging regions are more stringent than those
for members designed for gravity and wind
loads, or the less critically stressed parts of
members in earthquake-resistant structures. The
lateral reinforcement in hinging regions of
beams is designed to provide (i) confinement of
the concrete core, (ii) support for the
longitudinal compressive reinforcement against
inelastic buckling, and (iii) resistance, in
conjunction with the confined concrete, against
transverse shear.
In addition to confirming the results of
sectional analyses regarding the influence of
such variables as concrete strength,
confinement of concrete, and amounts and yield
strengths of tensile and compressive
reinforcement and compression flanges
mentioned earlier, tests, both monotonic and
reversed cyclic, have shown that the flexural
ductility of hinging regions in beams is
significantly affected by the level of shear
present. A review of test results by Bertero (1 0- 21 )
indicates that when the nominal shear stress
exceeds about

3 f ' , members designed
c

according to the present seismic codes can
expect to suffer some reduction in ductility as
well as stiffness when subjected to loading
associated with strong earthquake response.
When the shear accompanying flexural hinging
is of the order of

5 f ' or higher, very
c

significant strength and stiffness degradation
has been observed to occur under cyclic
reversed loading.
The behavior of a segment at the support
region of a typical reinforced-concrete beam
subjected to reversed cycles of inelastic
deformation in the presence of high shear (10 -2 2,

is shown schematically in Figure 12. In
Figure 12a, yielding of the top longitudinal
steel under a downward movement of the beam
end causes flexure—shear cracks to form at the
top. A reversal of the load and subsequent
yielding of the bottom longitudinal steel is also
accompanied by cracking at the bottom of the
beam (see Figure l2b). If the area of the
bottom steel is at least equal to that of the top
steel, the top cracks remain open during the
early stages of the load reversal until the top
steel yields in compression, allowing the top
crack to close and the concrete to carry some
compression. Otherwise, as in the more typical
case where the top steel has greater area than
the bottom steel, the top steel does not yield in
compression (and we assume it does not
buckle), so that the top crack remains open
during the reversal of the load (directed
upward). Even in the former case, complete
closure of the crack at the top may be prevented
by loose particles of concrete that may fall into
the open cracks. With a crack traversing the
entire depth of the beam, the resisting flexural
couple consists of the forces in the tensile and
compressive steel areas, while the shear along
the through-depth crack is resisted primarily by
dowel action of the longitudinal steel. With
subsequent reversals of the load and
progressive deterioration of the concrete in the
hinging region (Figure 12c), the throughdepth crack widens. The resulting increase in
total length of the member due to the opening
of through-depth cracks under repeated load
reversals is sometimes referred to as growth of
the member.
Where the shear accompanying the moment
is high, sliding along the through-depth crack(s)
can occur. This sliding shear displacement,
which is resisted mainly by dowel action of the
longitudinal reinforcement, is reflected in a
pinching of the associated load—deflection
curve near the origin, as indicated in Figure
13. Since the area under the load—deflection
curve is a measure of the energy-dissipation
capacity of the member, the pinching in this
curve due to sliding shear represents a
degradation not only of the strength but also the
energy-dissipation capacity of the hinging

(2 3)

region. Where the longitudinal steel is not
adequately restrained by lateral reinforcement,
inelastic buckling of the compressive
reinforcement followed by a rapid loss of
flexural strength can occur.

Figure 12.

Figure 13.

Plastic hinging in beam under high shear.
(Adapted from Ref. 31.)

Pinching in load-displacement hysteresis
loop due to mainly to sliding shear

Because of the significant affect that shear
can have on the ductility of hinging regions, it
has been suggested ( 24 ) that when two or more
load reversals at a displacement ductility of 4 or
more are expected, the nominal shear stress in
critical regions reinforced according to normal

U.S. code requirements for earthquake-resistant
f ' . Results of
design should be limited to 6
c

tests reported in Reference 24 have shown
that the use of crossing diagonal or inclined
web reinforcement, in combination with
vertical ties, as shown in Figure 14, can
effectively minimize the degradation of
stiffness associated with sliding shear.
Relatively stable hysteretic force—
displacement loops, with minimal or no
pinching, were observed. Tests reported in
Reference 25 also indicate the effectiveness
of intermediate longitudinal shear
reinforcement, shown in Figure 15, in
reducing pinching of the force—displacement
loops of specimens subjected to moderate levels
of shear stresses, i.e., between 3
6

to be equal to 1.25f
and using a strength
y
reduction factor f equal to 1.0 (instead of 0.9).
This is illustrated in Figure 10-16 for the case
of uniformly distributed beam. The use of the
factor 1.25 to be applied to fy is intended to take
account of the likelihood of the actual yield
stress in the steel being greater (tests indicate it
to be commonly 10 to 25% greater) than the
specified nominal yield stress, and also in
recognition of the strong possibility of strain
hardening developing in the reinforcement
when plastic hinging occurs at the beam ends.

f ' and
c

f '.
c

Figure 15.
Intermediate longitudinal web
reinforcement for hinging regions under moderate levels
of shear.

Figure 14.
Crossing diagonal web reinforcement in
combination with vertical web steel for hinging regions
under high shear. (Adapted from Ref. 24)

As mentioned earlier, a major objective in
the design of reinforced concrete members is to
have the strength controlled by flexure rather
than shear or other less ductile failure
mechanisms. To insure that beams develop their
full strength in flexure before failing in shear,
ACI Chapter 21 requires that the design for
shear in beams be based not on the factored
shears obtained from a lateral-load analysis but
rather on the shears corresponding to the
maximum probable flexural strength, Mpr , that
can be developed at the beam ends. Such a
probable flexural strength is calculated by
assuming the stress in the tensile reinforcement
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Figure 16.
Loading cases for shear design of beams
uniformly distributed gravity loads

ACI Chapter 21 requires that when the
earthquake-induced shear force calculated on
the basis of the maximum probable flexural
strength at the beam ends is equal to or more
than one-half the total design shear, the
contribution of the concrete in resisting shear,
Vc , be neglected if the factored axial
compressive force including earthquake effects
is less than Ag c f ' /20, where Ag is the gross area
of the member cross-section
( -26 )
the concrete contribution is
to be entirely neglected and web reinforcement
provided to carry the total shear force in plastichinging regions. It should be pointed out that
the New Zealand seismic design code appears
to be generally more conservative than
comparable U.S. codes. This will be discussed
further in subsequent sections.
Columns The current approach to the design
of earthquake-resistant reinforced concrete rigid
(i.e., moment-resisting) frames is to have most
of the significant inelastic action or plastic
hinging occur in the beams rather than in the
columns. This is referred to as the ―strong
column-weak beam‖ concept and is intended to
help insure the stability of the frame while
undergoing large lateral displacements under
earthquake excitation. Plastic hinging at both
ends of most of the columns in a story can
precipitate a story-side sway mechanism leading
to collapse of the structure at and above the
story.
ACI Chapter 21 requires that the sum of the
flexural strengths of the columns meeting at a
joint, under the most unfavorable axial load, be
at least equal to 1.2 times the sum of the design
flexural strengths of the girders in the same
plane framing into the joint. The most
unfavorable axial load is the factored axial
force resulting in the lowest corresponding
flexural strength in the column and which is
consistent with the direction of the lateral forces
considered. Where this requirement is satisfied,
closely spaced transverse reinforcement need be
provided only over a short distance near the
ends of the columns where potential hinging
can occur. Otherwise, closely spaced transverse
reinforcement is required over the full height of
the columns.

The requirements associated with the strong
column-weak beam concept, however, do not
insure that plastic hinging will not occur in the
columns. As pointed out in Reference 5, a
bending-moment distribution among frame
members such as is shown in Figure 17,
characterized by points of inflection located
away from the mid-height of columns, is not
uncommon. This condition, which has been
observed even under static lateral loading,
occurs when the flexural mode of deformation
(as contrasted with the shear—beam component
of deformation) in tall frame structures
becomes significant and may also arise as a
result of higher-mode response under dynamic
loading. As Figure 17 shows, a major
portion of the girder moments at a joint is
resisted (assuming the columns remain elastic)
by one column segment, rather than being
shared about equally (as when the points of
inflection are located at mid-height of the
columns) by the column sections above and
below a joint. In extreme cases, such as might
result from substantial differences in the
stiffness‘s of adjoining column segments in a
column stack, the point of contra flexure can be
outside the column height. In such cases, the
moment resisted by a column segment may
exceed the sum of the girder moments. In
recognition of this, and the likelihood of the
hinging region spreading over a longer length
than would normally occur, most building
codes require confinement reinforcement to be
provided over the full height of the column.
Tests on beam-column specimens
incorporating slabs, (2 7, 28 )
as in normal
monolithic construction, have shown that slabs
significantly increase the effective flexural
strength of the beams and hence reduce the
column-to-beam flexural strength ratio, if the
beam strength is based on the bare beam
section. Reference 27 recommends
consideration of the slab reinforcement over a
width equal to at least the width of the beam on
each side of the member when calculating the
flexural strength of the beam.

Figure 17.
Distribution of bending moments in
columns at a joint when the point of inflection is located
away from mid-height.

Another phenomenon that may lead to
plastic hinging in the columns occurs in twoway (three-dimensional rigid) frames subjected
to ground motions along a direction inclined
with respect to the principal axes of the
structure. In such cases, the resultant moment
from girders lying in perpendicular planes
framing into a column will generally be greater
than that corresponding to either girder
considered separately. (1 0- 5) ( except for certain
categories of structures and those with certain
irregularities, codes
allow consideration of
design earthquake loads along each principal
axes of a structure separately, as non-concurrent
loadings.) Furthermore, the biaxial moment
capacity of a reinforced-concrete column under
skew bending will generally be less than the
larger uniaxial moment capacity. Tests reported
in Reference 28 indicate that where bidirectional loading occurs in rectangular
columns, the decrease in strength of the column
due to spelling of concrete cover, and bond
deterioration along the column longitudinal bars
at and near the corner can be large enough to
shift the hinging from the beams to the
columns. Thus, under concurrent bi-directional
loading, columns in two-way frames designed
according to the strong column-weak beam

concept mentioned above can either yield
before the framing girders or start yielding
immediately following yielding of the girders.
It is worth noting that the 1985 report of
ACI-ASCE Committee 352 on beam-column
joints in monolithic reinforced concrete
structures( 29 )
recommends a minimum
over strength factor of 1.4, instead of the 1.2
given in ACI 318-95, for the flexural strength
of columns relative to that of beams meeting at
a joint when the beam strength is based only on
the bare beam section (excluding slab). A
design procedure (capacity design), based on
the work of Paula, ( 1 3, 3 0)
that attempts to
minimize the possibility of yielding in the
columns of a typical frame due to the factors
described in the preceding paragraph has been
adopted in New Zealand .(1 0-2 6) The avowed
purpose of capacity design is to limit inelastic
action, as well as the formation of plastic
hinges, to selected elements of the primary
lateral-force-resisting system. In the case of
frames, the ideal location for plastic hinges
would be the beams and the bases of the first or
lowest story columns. Other elements, such as
columns, are intended to remain essentially
elastic under the design earthquake by
designing them with sufficient over strength
relative to the yielding members. Thus elements
intended to remain elastic are designed to have
strengths in the plastic hinges. For all elements,
and particularly regions designed to develop
plastic hinges, undesirable modes of failure,
such as shear or bond/anchorage failures, are
precluded by proper design/detailing. The
general philosophy of capacity design is no
different from that underlying the current
approach to earthquake-resistant design found
in ACI Chapter 21, UBC-97 and IBC-2000. The
principle difference lies in the details of
implementation and particularly in the
recommended over strength factors. For
example, the procedure prescribes over strength
( 13 , 32 )
factors of 1.5 or greater
for
determining the flexural strength of columns
relative to beams. This compares with the 1.2
factor specified in ACI Chapter 21. In capacity
design, the flexural strength of T or inverted-L
beams is to be determined by considering the

slab reinforcement over the specified width
(depending upon column location) beyond the
column faces as effective in resisting negative
moments. It is clear from the above that the
New Zealand capacity design requirements call
for greater relative column strength than is
currently required in U.S. practice. A similar
approach has also been adopted in the Canadian
Concrete Code of Practice, CSA Standard
A23.3-94.( 3 3) Reference 13 gives detailed
recommendations, including worked out
examples, relating to the application of capacity
design to both frames and structural wall
systems.
To safeguard against strength degradation
due to hinging in the columns of a frame, codes
generally require lateral reinforcement for both
confinement and shear in regions of potential
plastic hinging. As in potential hinging regions
of beams, the closely spaced transverse
reinforcement in critically stressed regions of
columns is intended to provide confinement for
the concrete core, lateral support of the
longitudinal column reinforcement against
buckling and resistance (in conjunction with the
confined core) against transverse shear. The
transverse reinforcement can take the form of
spirals, circular hoops, or rectangular hoops, the
last with crossties as needed.
Early tests ( 34 )
of reinforced concrete
columns subjected to large shear reversals had
indicated the need to provide adequate
transverse reinforcement not only to confine the
concrete but also to carry most, if not all, of the
shear in the hinging regions of columns. The
beneficial effect of axial load—a maximum
axial load of one-half the balance load was used
in the tests—in delaying the degradation of
shear strength in the hinging region was also
noted in these tests. An increase in column
strength due to improved confinement by
longitudinal reinforcement uniformly
distributed along the periphery of the column
section was noted in tests reported in Reference
35. Tests cited in Reference 32 have
indicated that under high axial load, the plastic
hinging region in columns with confinement
reinforcement provided over the usually
assumed hinging length (i.e., the longer section

dimension in rectangular columns or the
diameter in circular columns) tends to spread
beyond the confined region. To prevent flexural
failure in the less heavily confined regions of
columns, the New Zealand Code ( 2 0) requires
that confining steel be extended to 2 to 3 times
the usual assumed plastic-hinge length when
the axial load exceeds 0.25 f f ' Ag , where f =
c
0.85 and Ag is the gross area of the column
section.
The basic intent of the ACI Code provisions
relating to confinement reinforcement in
potential hinging regions of columns is to
preserve the axial-load-carrying capacity of the
column after spelling of the cover concrete has
occurred. This is similar to the intent
underlying the column design provisions for
gravity and wind loading. The amount of
confinement reinforcement required by these
provisions is independent of the level of axial
load. Design for shear is to be based on the
largest nominal moment strengths at the column
ends consistent with the factored design axial
(5)
compressive load. Some investigators,
however, have suggested that an approach that
recognizes the potential for hinging in critically
stressed regions of columns should aim
primarily at achieving a minimum ductility in
these regions. Studies by Park and associates,
based on sectional analyses ( 3 2) as well as
tests,( 3 6, 3 7)
indicate that although the ACI
Code provisions based on maintaining the loadcarrying capacity of a column after spalling of
the cover concrete has occurred are
conservative for low axial loads, they can be
conservative for high axial loads, with
particular regard to attaining adequate ductility.
Results of these studies indicate the desirability
of varying the confinement requirements for the
hinging regions in columns according to the
magnitude of the axial load, more confinement
being called for in the case of high axial loads.
ACI Chapter 21
limits the spacing of
confinement reinforcement to 1/4 the minimum
member dimension or 4 in., with no limitation
related to the longitudinal bar diameter. The
New Zealand Code requires that the maximum
spacing of transverse reinforcement in the
potential plastic hinge regions not exceed the

least of 1/4 the minimum column dimension or
6 times the diameter of the longitudinal
reinforcement. The second limitation is
intended to relate the maximum allowable
spacing to the need to prevent premature
buckling of the longitudinal reinforcement. In
terms of shear reinforcement, ACI Chapter 21
requires that the design shear force be based on
the maximum flexural strength, M pr , at each
end of the column associated with the range of
factored axial loads. However, at each column
end, the moments to be used in calculating the
design shear will be limited by the probable
moment strengths of the beams (the negative
moment strength on one side and the positive
moment strength on the other side of a joint)
framing into the column. The larger amount of
transverse reinforcement required for either
confinement or shear is to be used.
One should note the significant economy,
particularly with respect to volume of lateral
reinforcement, to be derived from the use of
spirally reinforced columns. ( 3 2) The saving in
the required amount of lateral reinforcement,
relative to a tied column of the same nominal
capacity, which has also been observed in
designs for gravity and wind loading, acquires
greater importance in earthquake-resistant
design in view of the superior ductile
performance of the spirally reinforced column.
Figure 18b, from Reference 38, shows
one of the spirally reinforced columns in the
first story of the Olive View Hospital building
in California following the February 9, 1971
San Fernando earthquake. A tied corner column
in the first story of the same building is shown
in Figure 18c. The upper floors in the fourstory building, which were stiffened by shear
walls that were discontinued below the secondfloor level, shifted approximately 2 ft.
horizontally relative to the base of the firststory columns, as indicated in Figure 18a.
Beam—Column Joints Beam-column joints
are critical elements in frame structures. These
elements can be subjected to high shear and
bond-slip deformations under earthquake
loading. Beam-column joints have to be

designed so that the connected elements can
perform properly. This requires that the joints
be proportioned and detailed to allow the
columns and beams framing into them to
develop and maintain their strength as well as
stiffness while undergoing large inelastic
deformations. A loss in strength or stiffness in a
frame resulting from deterioration in the joints
can lead to a substantial increase in lateral
displacements of the frame, including possible
instability due to P-delta effects.
The design of beam-column joints is
primarily aimed at (i) preserving the integrity of
the joint so that the strength and deformation
capacity of the connected beams and columns
can be developed and substantially maintained,
and (ii) preventing significant degradation of
the joint stiffness due to cracking of the joint
and loss of bond between concrete and the
longitudinal column and beam reinforcement or
anchorage failure of beam reinforcement. Of
major concern here is the disruption of the joint
core as a result of high shear reversals. As in
the hinging regions of beams and columns,
measures aimed at insuring proper performance
of beam-column joints have focused on
providing adequate confinement as
well as
shear resistance to the joint.
The forces acting on a typical interior beamcolumn joint in a frame undergoing lateral
displacement are shown in Figure 19a. It is
worth noting in Figure 19a that each of the
longitudinal beam and column bars is subjected
to a pull on one side and a push on the other
side of the joint. This combination of forces
tends to push the bars through the joint, a
condition that leads to slippage of the bars and
even a complete pull through in some test
specimens. Slippage resulting from bond
degradation under repeated yielding of the
beam reinforcement is reflected in a reduction
in the beam-end fixity and thus increased beam
rotations at the column faces. This loss in beam
stiffness can lead to increased lateral
displacements of the frame and potential
instability.

(a)

(b)

(c)

Figure 18.
Damage to columns of the 4-story Olive View Hospital building during the February 9, 1971 San Fernando,
California, earthquake. (From Ref. 38.) (a) A wing of the building showing approximately 2 ft. drift in its first story. (b)
Spirally reinforced concrete column in first story. (c) Tied rectangular corner column in first story.

Figure 19.
Forces and postulated shear-resisting
mechanisms in a typical interior beam-column joint.
(Adapted from Ref. 32.) (a) Forces acting on beamcolumn joint. (b) Diagonal strut mechanism. (c) Truss
mechanism.

Two basic mechanisms have been
postulated as contributing to the shear
resistance of beam—column joints. These are
the diagonal strut and the joint truss (or
diagonal compression field) mechanisms,
shown in Figure 19b and c, respectively.
After several cycles of inelastic deformation in
the beams framing into a joint, the effectiveness
of the diagonal strut mechanism tends to
diminish as through-depth cracks start to open

between the faces of the column and the
framing beams and as yielding in the beam bars
penetrates into the joint core. The joint truss
mechanism develops as a result of the
interaction between confining horizontal and
vertical reinforcement and a diagonal
compression field acting on the elements of the
confined concrete core between diagonal
cracks. Ideally, truss action to resist horizontal
and vertical shears would require both
horizontal confining steel and intermediate
vertical column bars (between column corner
bars). Tests cited in Reference 10-39 indicate
that where no intermediate vertical bars are
provided, the performance of the joint is worse
than where such bars are provided.
Tests of beam-column joints (2 7, 4 0, 4 1)
in
which the framing beams were subjected to
large inelastic displacement cycles have
indicated that the presence of transverse beams
(perpendicular to the plane of the loaded
beams) considerably improves joint behavior.
Results reported in Reference 27 show that
the effect of an increase in joint lateral
reinforcement becomes more pronounced in the
absence of transverse beams. However, the
same tests indicated that slippage of column
reinforcement through the joint occurred with
or without transverse beams. The use of
smaller-diameter longitudinal bars has been
suggested ( 3 9) as a means of minimizing bar
slippage. Another suggestion has been to force
the plastic hinge in the beam to form away from
the column face, thus preventing high
longitudinal steel strains from developing in the
immediate vicinity of the joint. This can be
accomplished by suitably strengthening the
segment of beam close to the column (usually a
distance equal to the total depth of the beam)
using appropriate details. Some of the details
proposed include a combination of heavy
vertical reinforcement with cross-ties (see
Figure 14), intermediate longitudinal shear
( 42 )
reinforcement (see Figure 15),
and
supplementary flexural reinforcement and
haunches, as shown in Figure 20. ( 32 )
The current approach to beam—column
joint design in the United States, as contained in
ACI Chapter 21, is based on providing

sufficient horizontal joint cross-sectional area
that is adequately confined to resist the shear
stresses in the joint. The approach is based
mainly on results of a study by Meinheit and
Jirsa( 41 ) and subsequent studies by Jirsa and
associates. The parametric study reported in
Reference 41 identified the horizontal crosssectional area of the joint as the most
significant variable affecting the shear strength
of beam—column connections. Although
recognizing the role of the diagonal strut and
joint truss mechanisms, the current approach
defines the shear strength of a joint simply in
terms of its horizontal cross-sectional area. The
approach presumes the provision of
confinement reinforcement in the joint. In the
ACI Chapter 21 method, shear resistance
calculated as a function of the horizontal crosssectional area at mid-height of the joint is
compared with the total horizontal shear across
the same mid-height section.
Figure 21
shows the forces involved in calculating the
shear at mid-height of a typical joint. Note that
the stress in the yielded longitudinal beam bars
is to be taken equal to 1.25 times the specified
nominal yield strength fy of the reinforcement.
The ACI-ASCE Committee 352
Recommendations ( 2 9)
have added a
requirement relating to the uniform distribution
of the longitudinal column reinforcement
around the perimeter of the column core, with a
maximum spacing between perimeter bars of 8
in. or one-third the column diameter or the
cross-section dimension. The lateral
confinement, whether from steel hoops or
beams, and the distributed vertical column
reinforcement, in conjunction with the confined
concrete core, provide the necessary elements
for the development of an effective truss
mechanism to resist the horizontal and vertical
shears acting on a beam—column joint. Results
of recent tests on bi-directionally loaded
beam—column joint specimens (2 8)
confirm
the strong correlation between joint shear
strength and the horizontal cross-sectional area
noted by Meinheit and Jirsa. ( 41)
Some investigators (13 , 3 2, 3 9)
have
suggested that the ACI Chapter 21 approach
does not fully reflect the effect of the different

variables influencing the mechanisms of
resistance operating in a beam-column joint and
have proposed alternative expressions based on
idealizations of the strut and joint truss
mechanisms.

Figure 20.
Proposed details for forcing beam hinging
away from column face (26) . See also Fig. 15. (a)
Supplementary flexural reinforcement. (b) Haunch. (c)
Special reinforcement detail.

To limit slippage of beam bars through
interior beam-column joints, the ACI-ASCE
Committee 352 Recommendations call for a
mini mum column di mension equal to 20 times
the diameter of beam bars passing through the
joint. For exterior joints, where beam bars
terminate in the joint, the maximum size of
beam bar allowed is a No. 11 bar.

Figure 21.
Shear force at mid-height of beam-column
joint- ACI Chapter 21 design practice.

When the depth of an exterior column is not
sufficient to accommodate the required
development length for beam bars, a beam stub
( 3 2)
at the far (exterior) side of the column,
such as is shown in Figure 22, can be used.
Embedding the 90 o beam bar hooks outside of
the heavily stressed joint region reduces the
stiffness degradation due to slippage and
improves the overall performance of the
connection.

Figure 22.

Exterior beam stub for anchoring beam bars

Slab—Column Connections By omitting
consideration of the reinforced concrete flat
plate in its provisions governing the design of
structures in high-seismic-risk areas, ACI
Chapter 21 essentially excludes the use of such
a system as part of a ductile frame resisting

seismic loads in such areas. Two-way slabs
without beams, i.e., flat plates, are, however,
allowed in areas of moderate seismic risk.
The flat plate structure is an economical and
widely used form of construction in nonseismi c areas, especially for multistory
residential construction. Its weakest feature, as
i s well known, is its vulnerability to a punching
shear failure at the slab-column junctions. The
collapse of a number of buildings using such a
system during the 1964 Anchorage, Alaska and
the 1967 Caracas, Venezuela earthquakes, as
well as several buildings using waffle slabs
during the September 1985 Mexican
earthquake, (4 3, 4 4)
clearly dramatized this
vulnerability. Although a flat plate may be
designed to carry vertical loads only, with
structural walls taking the lateral loads,
significant shears may still be induced at the
slab-column junctions as the structure displaces
laterally during earthquake response.
Tests on slab—column connections
subjected to reversed cyclic loading ( 45 , 4 6 )
indicate that the ductility of flat-slab—column
connections can be significantly increased
through the use of stirrups enclosing bands of
flexural slab reinforcement passing through the
columns. Such shear-reinforced bands
essentially function as shallow beams
connecting the columns.
Reinforced concrete
Structural Walls
structural walls (commonly referred to as shear
walls), when properly designed, represent
economical and effective lateral stiffening
elements that can be used to reduce potentially
damaging interstory displacements in
multistory structures during strong earthquakes.
The structural wall, like the vertical steel truss
in steel buildings, has had a long history of use
for stiffening buildings laterally against wind
forces. The effectiveness of properly designed
structural walls in reducing earthquake damage
in multistory buildings has been well
demonstrated in a number of recent
earthquakes.
In earthquake-resistant design, the
appreciable lateral stiffness of structural walls
can be particularly well utilized in combination
with properly proportioned coupling beams in

coupled wall systems. Such systems allow
considerable inelasti c energy dissipation to take
place in the coupling beams (which are
relatively easy to repair) at critical levels,
sometimes even before yielding occurs at the
bases of the walls.
Attention in the following discussion will be
focused on slender structural walls, i.e., walls
with a height-to-width ratio greater than about
2.0, such as are used in multistory buildings.
These walls generally behave like verti cal
cantilever beams. Short or squat walls, on the
other hand, resist horizontal forces in their
plane by a predominantly truss-type
mechanism, with the concrete providing the
diagonal compressive strut(s) and the steel
reinforcement the equilibrating vertical and
horizontal ties. Tests on low-rise walls
subjected to slowly reversed horizontal
loading(1 0-4 7 ) indicate that for walls with heightto-width ratios of about 1.0 , horizontal and
vertical reinforcement are equally effective. As
the height-to-width ratio of a wall becomes
smaller, the vertical reinforcement becomes
more effective in resisting shear than the
horizontal steel.( 48 )
In the following discussion, it will be
assumed that the isolated structural wall is
loaded by a resultant horizontal force acting at
some distance above the base. Under such a
loading, flexural hinging will occur at the base
of the wall. Where the wall is designed and
loaded so that it yields in flexure at the base, as
might be expected under strong earthquakes, its
behavior becomes a function primarily of the
magnitude of the shear force that accompanies
such flexural hinging as well as the
reinforcement details used in the hinging region
near the base. Thus, if the horizontal force acts
high above the base (long shear arm), it will
take a lesser magnitude of the force to produce
flexural hinging at the base than when the point
of application of the load is close to the base
(short shear arm). For the same value of the
base yield moment, the moment-to-shear ratio
in the former case is high and the magnitude of
the applied force (or shear) is low, while in the
latter case the moment-to-shear ratio is low and
the applied shear is high. In both cases, the

magnitude of the applied shear is limited by the
flexural yield strength at the base of the wall.
In this connection, it is of interest to note
that dynamic inelastic analyses of isolated
walls( 4 ) covering a wide range of structural
and ground motion parameters have indicated
that the maximum calculated shear at the base
of walls can be from 1.5 to 3.5 times greater
than the shear necessary to produce flexural
yielding at the base, when such shear is
distributed in a triangular manner over the
height of the wall, as is prescribed for design in
most codes. This is shown in Figure 23,
which gives the ratio of the calculated
maximum dynamic shear,
Vdy n ma x , to the
resultant of the triangularly distributed shear
necessary to produce flexural yielding at the
base, VT , as a function of the fundamental
period T1 and the available rotational ductility
µa r . The input accelerograms used in the
analyses had different frequency characteristics
and were normalized with respect to intensity
so that their spectrum intensity (i.e., the area
under the corresponding 5%-damped velocity
response spectrum, between periods 0.1 and 3.0
sec) was 1.5 times that of the N-S component of
the 1940 El Centro record. The results shown in
Figure 23 indicate that a resultant shear
force equal to the calculated maxi mum dynamic
shear need not be applied as high as two-thirds
the height of the wall above the base to produce
yielding at the base. Figure 24, also from
Reference 10-4, shows the distance (expressed
as the ratio M / V dyn ) from the base at which
y

max

the resultant dynamic force would have to act to
produce yielding at the base, as a function of
the fundamental period and the available
rotational ductility of the wall. The ordinate on
the right side of the figure gives the distance
above the base as a fraction of the wall height.
Note that for all cases, the resultant dynamic
force lies below the approximate two-thirds
point associated with the triangular loading
specified in codes.

specified forces by a flexural overstrength
factor and a "dynamic shear magnification
factor‖. The flexural overstrength factor in this
case represents the ratio of flexural overstrength
(accounting for upward deviations from the
nominal strength of materials and other factors)
to the moment due to the code-specified forces,
with a typical value of about 1.39 or higher.
Recommended values for the dynamic shear
magnification factor range from 1.0 for a onestory high wall to a maximum of 1.8 for walls
6-stories or more in height.

Figure 23.
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. -20 story isolated structural walls. (From Ref. 10-4.)

These analytical results suggest not only
that under strong earthquakes the maximum
dynamic shear can be substantially greater than
that associated with the lateral loads used to
design the flexural strength of the base of the
wall, but also, as a corollary, that the momentto-shear ratio obtained under dynamic
conditions is significantly less than that implied
by the code-specified distribution of design
lateral loads. These results are important
because unlike beams in frames, where the
design shear can be based on the maximum
probable flexural strengths at the ends of the
member as required by statics (see Figure 16)
, in cantilever walls it is not possible to
determine a similar design shear as a function
of the flexural strength at the base of the wall
using statics alone, unless an assumption is
made concerning the height of the applied
resultant horizontal force. In the capacity design
method adopted in New Zealand as applied to
structural walls, ( 1 3, 4 9)
the design base shear
at the base of a wall is obtained by multiplying
the shear at the base corresponding to the code-

Figure 24.
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Test son isolated structural walls ( 50 , 51 )
have shown that the hinging region, i.e., the
region where most of the inelastic deformation
occurs, extends a distance above the base
roughly equal to the width of the wall. The
ductility of the hinging region at the base of a
wall, like the hinging region in beams and
columns, is heavily dependent on the
reinforcing details used to prevent early
disruption of critically stressed areas within the
region. As observed in beams and columns,
tests of structural walls have confirmed the

Figure 25.

Moment-curvature curves for statically loaded rectangular walls as a function of reinforcement
distribution. ( 52)

effectiveness of adequate confinement in
maintaining the strength of the hinging region
through cycles of reversed inelastic
deformation. The adverse effects of high shears,
acting simultaneously with the yield moment,
on the deformation capacity of the hinging
region of walls has also been noted in tests.
Early tests of slender structural walls under
static monotonic loading (5 2)
have indicated
that the concentration of well-confined
longitudinal reinforcement at the ends of the
wall section can significantly increase the
ductility of the wall. This is shown in Figure
25 from Reference 52. This improvement
in behavior resulting from a concentration of
well-confined longitudinal reinforcement at the
ends of a wall section has also been observed in

tests of isolated walls under cyclic reversed
loading.(50 , 5 1)
Plain rectangular walls, not
having relatively stiff confined boundary
elements, are prone to lateral buckling of the
compression edge under large horizontal
displacements. ( 5 0, 52 )
Figure 26 shows a sketch of the region at
the base of a wall with boundary elements after
a few cycles of lateral loading. Several modes
of failure have been observed in the laboratory.
Failure of the section can occur in flexure by
rupture of the longitudinal reinforcement or by
a combination of crushing and sliding in a
weakened compression flange. Alternatively,
failure, i.e., loss of lateral-load-resisting
capacity, can occur by sliding along a nearhorizontal plane near the base (in rectangular-

section walls especially) or by crushing of the
web concrete at the junction of the diagonal
struts and the compression flange (in walls with
thin webs and/or heavy boundary elements).

stresses), the compression steel in members
subjected to reversed cycles of inelastic loading
tends to buckle earlier than in comparable
monotonically loaded specimens.
As in beams and columns, degradation of
strength and ductility of the hinging region of
walls is strongly influenced by the magnitude of
the shear that accompanies flexural yielding.
High shears ( > 6

Figure 26.
Moment-curvature curves for statically
loaded rectangular walls as a function of reinforcement
distribution. (54)

Since walls are generally designed to be
under-reinforced, crushing in the usual sense
associated with monotonic loading does not
occur. However, when the flanges are
inadequately confined, i.e., with the
longitudinal and lateral reinforcement spaced
far apart, concrete fragments within the cores of
the flanges that had cracked in flexure under
earlier cycles of loading can be lost in
subsequent loading cycles. The longitudinal
bars can buckle under compression and when
subsequently stretched on reversal of the
loading can rupture in low-cycle fatigue. It is
also worth noting that because of the
Bauschinger effect (i.e., the early yielding,
reflected in the rounding of the stress—strain
curve of steel, that occurs during load reversals
in the inelastic range and the consequent
reduction in the tangent modulus of the steel
reinforcement at relatively low compressive

f ' ), when acting on a web
c

area traversed by crisscrossing diagonal cracks,
can precipitate failure of the wall by crushing of
the diagonal web struts or a combined
compression—sliding failure of the
compression flange near the base. Shear in the
hinging region is resisted by several
mechanisms, namely, shear-friction along a
near-horizontal plane across the width of the
wall, dowel action of the tensile reinforcement
and to a major extent (as in beams) by shear
across the compression flange. After several
cycles of load reversals and for moderate
moment-to-shear ratios, the flexural cracks
become wide enough to reduce the amount of
shear carried by shear friction. As suggested by
Figure 26, the truss action that develops in
the hinging region involves a horizontal (shear)
component of the diagonal strut that acts on the
segment of the compression flange close to the
base. If the compression flange is relatively
slender and inadequately confined, the loss of
core concrete under load reversals results in a
loss of stiffness of this segment of the
compression flange. The loss of stiffness and
strength in the compression flange or its
inability to support the combined horizontal
(shear) component of the diagonal strut and the
flexural compressive force can lead to failure of
the wall.
Thus confinement of the flanges of walls,
and especially those in the hinging region, is
necessary not only to increase the compressive
strain capacity of the core concrete but also to
delay inelastic bar buckling and, together with
the longitudinal reinforcement, prevent loss of
the core concrete during load reversals (the socalled ―basketing effect‖). By maintaining the
strength and stiffness of the flanges,
confinement reinforcement improves the shear
transfer capacity of the hinging region through

the so-called ―dowel action‖ of the compression
flange, in addition to serving as shear
reinforcement. As in beams, the diagonal
tension cracking that occurs in walls and the
associated truss action that develops induces
tensile stresses in the horizontal web
reinforcement. This suggests the need for
proper anchorage of the horizontal
reinforcement in the flanges.
Where high shears are involved, properly
anchored crossing diagonal reinforcement in the
hinging regions of walls, just as in beams,
provides an efficient means of resisting shear
and particularly the tendency toward sliding
along cracked and weakened planes.
A series of tests of isolated structural wall
specimens at the Portland Cement
Association( 50 , 5 1)
have provided some
indication of the effect of several important
variables on the behavior of walls subjected to
slowly reversed cycles of inelastic
deformations. Some results of this investigation
have already been mentioned in the preceding.
Three different wall cross-sections were
considered in the study, namely, plain
rectangular sections, barbell sections with
heavy flanges (columns) at the ends, and
flanged sections with the flanges having about
the same thickness as the web. In the following,
results for some of the parameters considered
will be presented briefly.
1. Monotonic vs. reversed cyclic loading. In
an initial set of two nominally identical
specimens designed to explore the effect of load
reversals, a 15% decrease in flexural strength
was observed for a specimen loaded by cycles
of progressively increasing amplitude of
displacement when compared with a specimen
that was loaded monotonically. Figures 27a
and 28a show the corresponding load—
deflection curves for the specimens. A
comparison of these figures shows not only a
reduction in strength but also that the maximum
deflection of the wall subjected to reversed
loading was only 8 in., compared to about 12
in. for the monotonically load specimen,
indicating a reduction in deflection capacity of
about 30%. Figure 28b, when compared

with Figure 27b, shows the more severe
cracking that results from load reversals.
2. Level of shear stress. Figure 29 shows
a plot of the variation of the maximum
rotational ductility with the maximum nominal
shear stress in isolated structural wall
specimens reported in References 50 and
10-51. The decrease in rotational ductility with
increasing values of the maximum shear stress
will be noted. The maximum rotation used in
determining ductility was taken as that for the
last cycle in which at least 80% of the previous
maximum observed load was sustained
throughout the cycle. The yield rotation was
defined as the rotation associated with the
yielding of all of the tensile reinforcement in
one of the boundary elements.
The presence of axial loads—of the order of
10% of the compressive strength of the walls—
increased the ductility of specimens subjected
to high shears. In Figure 29, the specimens
subjected to axial loads are denoted by open
symbols. The principal effect of the axial load
was to reduce the shear distortions and hence
increase the shear stiffness of the hinging
region. It may be of interest to note that for
(5 2)
walls loaded monotonically,
axial
compressive stress was observed to increase
moment capacity and reduce ultimate curvature,
results consistent with analytical results from
sectional analysis.
3. Section shape. As mentioned earlier, the
use of wall sections having stiff and wellconfined flanges or boundary elements, as
against plain rectangular walls, not only allows
development of substantial flexural capacity (in
addition to being less susceptible to lateral
buckling), but also improves the shear
resistance and ductility of the wall. In walls
with relatively stiff and well-confined boundary
elements, some amount of web crushing can
occur without necessarily limiting the flexural
capacity of the wall. Corley et al. ( 53 ) point out
that trying to avoid shear failure in walls,
particularly walls with stiff and well-confined
boundary elements, may be a questionable
design objective.

(a)

(b)
Figure 27.

(a) Load-deflection curve of monotonically loaded specimen. (b) view of specimen at +12 in. top
deflection. ( 53)

Figure 28.

(a) Load-deflection curve of specimen subjected to load cycles of progressively increasing amplitude. (b)
View of specimen at +8 in. top deflection.

( 53 )

Figure 29.
Variation of rotational ductility with
maximum average shear stress in PCA isolated wall
tests( 51) .

Thus, although ACI Chapter 21
limits the
maximum average shear stress in walls to

f ' (a value based on monotonic tests)
c

10

with the intent of preventing web crushing, web
crushing occurred in some specimens subjected
to shear stresses only slightly greater than
7

f ' .However, those specimens where webc

crushing failure occurred were able to develop
deformations well beyond the yield deformation
prior to loss of capacity.
4. Sequence of large-amplitude load cycles.
Dynamic inelastic analyses of isolated walls ( 8)
have indicated that in a majority of cases, the
maximum or a near-maximum response to
earthquakes occurs early, with perhaps only one
elastic response cycle preceding it. This
contrasts with the loading program commonly
used in quasi-static tests, which consists of load
cycles of progressively increasing amplitude.
To examine the effect of imposing largeamplitude load cycles early in the test, two
nominally identical isolated wall specimens
were tested. One specimen was subjected to
load cycles of progressively increasing
amplitude, as were most of the specimens in
this series. Figure 30a indicates that
specimen B7 was able to sustain a rotational
ductility of slightly greater than 5 through three

repeated loading cycles. The second specimen
(B9) was tested using a modified loading
program similar to that shown in Figure 7b,
in which the maximum load amplitude was
imposed on the specimen after only one elastic
load cycle. The maximum load amplitude
corresponded to a rotational ductility of 5. As
indicated in Figure 30b, the specimen failed
before completing the second load cycle.
Although results from this pair of specimens
cannot be considered conclusive, they suggest
that tests using load cycles of progressively
increasing amplitude may overestimate the
ductility that can be developed under what may
be considered more realistic earthquake
response conditions. The results do tend to
confirm the reasonable expectation that an
extensively cracked and ―softened‖ specimen
subjected to several previous load cycles of
lesser amplitude can better accommodate large
reversed lateral deflections than a virtually
uncracked specimen that is loaded to nearcapacity early in the test. From this standpoint,
the greater severity of the modified loading
program, compared to the commonly used
progressively increasing-amplitude loading
program, appears obvious.
5. Reinforcement detailing. On the basis of
the tests on isolated walls reported in
( 54 )
References 50 and 51, Oesterle et al.
proposed the following detailing requirements
for the hinging regions of walls:
• The maximum spacing of transverse
reinforcement in boundary elements should be
5 db , where d b is the diameter of the longitudinal
reinforcement.
• Transverse reinforcement in the boundary
element should be designed for a shear
Vn b = Mn b /1.5 lb ,
where
Mnb = nominal moment strength of boundary
element
lb =width of boundary element (in the plane
of the wall)

(a)

(b)
(53)
Figure 30.
Comparison of behavior of isolated walls subjected to different loading histories.
(a) specimen subjected to progressively increasing load amplitudes (see Fig. 7a). (b) Specimen subjected to loading
history characterized by large-amplitude cycles early in loading (see Fig. 7b).

• No lap splices should be used for cross-ties in
segments of boundary elements within the
hinging region.
• A recommendation on anchoring horizontal
web reinforcement in the boundary elements,
such as is shown in Figure 31a, has been
adopted by ACI Chapter 21. For levels of shear

f ' to 10 f ' ,the study
c
c
°
indicates that alternat e 90 and 135 °hooks, as
in the range of 5

shown in Figure 10-31b, can be used.

Figure 31.
Alternative details for anchorage of
horizontal web reinforcement in boundary elements.
(a) detail for walls subjected to low –to-moderate stress
levels. (b) Detail for walls subjected to high shear stress
levels.

( 54)

The specimens tested in this series had
special confinement reinforcement only over a
length near the base equal to the width of the
wall, i.e., the approximate length of the hinging
region. Strain readings as well as observations
of the general condition of the walls after
failure showed that significant inelasticity and
damage were generally confined to the hinging
region. In view of this, it has been suggested
that special confinement reinforcement for
boundary elements need be provided only over
the lengths of potential hinging regions. These
are most likely to occur at the base and at points

along the height of the wall where
discontinuities, associated with abrupt and
significant changes in geometry, strength, or
stiffness, occur.
Coupled Walls As mentioned earlier, a
desirable characteristic in an earthquakeresistant structure is the ability to respond to
strong ground motion by progressively
mobilizing the energy-dissipative capacities of
an ascending hierarchy of elements making up
the structure.
In terms of their importance to the general
stability and safety of a building, the
components of a structure may be grouped into
primary and secondary elements.
Primary
elements are those upon the integrity of which
depend the stability and safety of the entire
structure or a major part of it. In this category
fall most of the vertical or near-vertical
elements supporting gravity loads, such as
columns and structural walls, as well as longspan horizontal elements. Secondary elements
are those components whose failure would
affect only limited areas or portions of a
structure.
The strong column-weak beam design
concept discussed earlier in relation to momentresisting frames is an example of an attempt to
control the sequence of yielding in a structure.
The ―capacity design‖ approach adopted in
New Zealand which, by using even greater
conservatism in the design of columns relative
to beams, seeks to insure that no yielding
occurs in the columns (except at their bases)—
is yet another effort to achieve a controlled
response in relation to inelastic action. By
deliberately building in greater flexural strength
in the primary elements (the columns), these
design approaches force yielding and inelastic
energy dissipation to take place in the
secondary elements (the beams).
When properly proportioned, the coupledwall system can be viewed as a further
extension of the above design concept. By
combining the considerable lateral stiffness of
structural walls with properly proportioned
coupling beams that can provide most of the
energy-dissipative mechanism during response

to strong ground motions, a better-performing
structural system is obtained. The stiffness of
the structural wall makes it a desirable primary
element from the standpoint of damage control
(by restricting interstory distortions), while the
more conveniently repairable coupling beams
provide the energy-dissipating secondary
elements. Figure 32a shows a two-wall
coupled-wall system and the forces acting at the
base and on a typical coupling beam. The total
overturning moment at the base of the coupled
wall = M1 + M 2 + TL . A typical distribution of
the elastic shear force in the coupling beams
along the height of the structure due to a
statically applied lateral load is shown in Figure
32b. Note that the accumulated shears at
each end of the coupling beams, summed over
the height of the structure, are each equal to the
axial force (T) at the base of the corresponding
wall. The height to the most critically stressed
coupling beam tends to move downward as the
coupling-beam stiffness (i.e., the degree of
coupling between the two walls) increases.

energy through inelastic action. These
requirements call for fairly stiff and strong
beams. Furthermore, the desire for greater
lateral-load-resisting efficiency in the system
would favor stiff and strong coupling beams.
However, the beams should not be so stiff or
strong flexuraly that they induce appreciable
tension in the walls, since a net tension would
reduce not only the yield moment but also the
shear resistance of the wall (recall that a
moderate amount of compression improves the
shear resistance and ductility of isolated walls).
This in turn can lead to early flexural yielding
and shear-related inelastic action at the base of
the tension wall. Dynamic inelastic analyses of
coupled-wall systems (5 6)
have shown, and
tests on coupled-wall systems under cyclic
reversed loading ( 57 ) have indicated, that when
the coupling beams have appreciable stiffness
and strength, so that significant net tension is
induced in the ―tension wall‖, a major part of
the total base shear is resisted by the
―compression wall‖ (i.e., the wall subjected to
axial compression for the direction of loading
considered), a situation not unlike that which
occurs in a beam.
The design of a coupled-wall system would
then involve adjusting the wall-to-coupling
beam strength and stiffness ratios so as to strike
a balance between these conflicting
requirements. A basis for choosing an
appropriate beam-to-wall strength ratio,
developed from dynamic inelastic response data
on coupled-wall systems, is indicated in
Reference 58
. The Canadian Code for
( 33 )
Concrete, CSA Standard A23.3-94
,
recommends that in order to classify as a fully
effective coupled wall system, the ratio
TL
M +M
1

Figure 32.
Laterally loaded coupled wall system. (a)
Forces on walls at base. (b) Typical distribution of shears
in coupling beams over height of structure.

In a properly designed earthquake-resistant
coupled-wall system, the critically stressed
coupling beams should yield first—before the
bases of the walls. In addition, they must be
capable of dissipating a significant amount of

2

must be greater than 2/3. Those
+ TL

with lower ratios are classified as partially
coupled wall system in which the coupled wall
system are to be designed for higher seismic
design forces (14% greater) due to their lower
amount of energy dissipation capacity due to
reduced coupling action. Once the appropriate
relative strengths and stiffness have been
established, details to insure adequate ductility
in potential hinging regions can be addressed.

Because of the relatively large shears that
develop in deep coupling beams and the
likelihood of sliding shear failures under
reversed loading, the use of diagonal
reinforcement in such elements has been
suggested (see Figure 10-33). Tests by Paulay
and Binney ( 59 )
on diagonally reinforced
coupling beams having span-to-depth ratios in
the range of 1 to 1
½have shown that this
arrangement of reinforcement is very effective
in resisting reversed cycles of high shear. The
specimens exhibited very stable force—
deflection hysteresis loops with significantly
higher cumulative ductility than comparable
conventionally reinforced beams. Tests by
Barney et al. ( 60 )
on diagonally reinforced
beams with span-to-depth ratios in the range of
2.5 to 5.0 also indicated that diagonal
reinforcement can be effective even for these
larger span-to-depth ratios.

Figure 33.

Diagonally reinforced coupling beam.
(Adapted from Ref. 59.)

In the diagonally reinforced couplings
beams reported in Reference 60, no
significant flexural reinforcement was used.
The diagonal bars are designed to resist both
shear and bending and assumed to function at
their yield stress in both tension and
compression. To prevent early buckling of the
diagonal bars, Paulay and Binney recommend
the use of closely spaced ties or spiral binding
to confine the concrete within each bundle of
diagonal bars. A minimum amount of
―basketing reinforcement,‖ consisting of two
layers of small-diameter horizontal and vertical

bars, is recommended. The grid should provide
a reinforcement ratio of at least 0.0025 in each
direction, with a maximum spacing of 12 in.
between bars.

4

CODE PROVISIONS FOR
EARTHQUAKERESISTANT DESIGN

4.1

Performance Criteria

In recent years, the performance criteria
reflected in some building code provisions such
as IBC-2000 ( 61 ) have become more explicit
than before. Although these provisions
explicitly require design for only a single level
of ground motion, it is expected that buildings
designed and constructed in accordance with
these requirements will generally be able to
meet a number of performance criteria, when
subjected to earthquake ground motions of
differing severity. The major framework of the
performance criteria is discussed in the report
by the Structural Association of California
( 6 2)
Vision 2000 (SEAOC, 1995).
In this
report, four performance levels are defined and
each performance level is expressed as the
desired maximum level of damage to a building
when subjected to a specific seismic ground
motion. Categories of performance are defined
as follows:
1. fully operational
2. operational
3. life-safe
4. near collapse
For each of the performance levels, there is
a range of damage that corresponds to the
building‘s functional status following a
specified earthquake design level. These
earthquake design levels represent a range of
earthquake excitation that have defined
probabilities of occurrence over the life of the
building. SEAOC Vision 2000 performance
level definition includes descriptions of
structural and non-structural damage, egress
systems and overall building state. Also
included in the performance level descriptions

is the level of both transient and permanent drift
in the structure. Drift is defined as the ratio of
inter story deflection to the story height.
The fully operational level represents the
least level of damage to the building. Except for
very low levels of ground motion, it is generally
not practical to design buildings to meet this
performance level.
Operational performance level is one in
which overall building damage is light.
Negligible damage to vertical load carrying
elements as well as light damage to the lateral
load carrying element is expected. The lateral
load carrying system retains almost all of its
original stiffness and strength, with minor
cracking in the elements of the structure is
expected. Transient drift are less than 0.5% and
there is inappreciable permanent drift. Building
occupancy continues unhampered.
Life-safe performance level guidelines
include descriptions of damage to contents, as
well as structural and non-structural elements.
Overall, the building damage is described as
moderate. Lateral stiffness has been reduced as
well as the capacity for additional loads, while
some margin against building collapse remains.
Some cracking and crushing of concrete due to
flexure and shear is expected. Vertical load
carrying elements have substantial capacity to
resist gravity loads. Falling debris is limited to
minor events. Levels of transient drift are to be
below 1.5% and permanent drift is less than
0.5%.
Near collapse performance includes severe
overall damage to the building, moderate to
heavy damage of the vertical load carrying
elements and negligible stiffness and strength in
the lateral load carrying elements. Collapse is
prevented although egress may be inhibited.
Permissible levels of transient and permanent
drift are less than 2.5%. Repair of a building
following this level of performance may not be
practical, resulting in a permanent loss of
building occupancy.
In the IBC-2000 provisions, the expected
performance of buildings under the various
earthquakes that can affect them are controlled
by assignment of each building to one of the
three seismic use groups. These seismic use

groups are categorized based on the type of
occupancy and importance of the building. For
example, buildings such as hospitals, power
plants and fire stations are considered as
essential facilities also known as post-disaster
buildings and are assigned as seismic use group
III. These provisions specify progressively
more conservative strength, drift control,
system selection, and detailing requirements for
buildings contained in the three groups, in order
to attain minimum levels of earthquake
performance suitable to the individual
occupancies.
4.2

Code-Specified Design Lateral
Forces

The availability of dynamic analysis
programs (see References 63 to 68) has
made possible the analytical estimation of
earthquake-induced forces and deformations in
reasonably realistic models of most st ructures.
However, except perhaps for the relatively
simple analysis by modal superposition using
response spectra, such dynamic analyses, which
can range from a linearly elastic time-history
analysis for a single earthquake record to
nonlinear analyses using a representative
ensemble of accelerograms, are costly and may
be economically justifiable as a design tool only
for a few large and important structures. At
present, when dynamic time-history analyses of
a particular building are undertaken for the
purpose of design, linear elastic response is
generally assumed. Nonlinear (inelastic) timehistory analyses are carried out mainly in
research work. However, non-linear pushover
static analysis can be used as a design tool to
evaluate the performance of the structure in the
post-yield range of response. Pushover analysis
is used to develop the capacity curve, illustrated
generally as a base shear versus top story
displacement curve. The pushover test shows
the sequence of element cracking and yielding
as a function of the top story displacement and
the base shear. Also, it exposes the elements
within the structure subjected to the greatest
amount of inelastic deformation. The force
displacement relationship shows the strength of

the structure and the maximum base shear that
can be developed. Pushover analysis, which is
relatively a new technology, should be carried
out with caution. For example, when the
response of a structure is dominated by modes
other than the first mode, the results may not
represent the actual behavior.
For the design of most buildings, reliance
will usually have to be placed on the simplified
prescriptions found in most codes
Although
necessarily approximate in character-in view of
the need for simplicity and ease of applicationthe provisions of such codes and the philosophy
behind them gain in reliability as design guides
with continued application and modification to
reflect the latest research findings and lessons
derived from observations of structural
behavior during earthquakes. Code provisions
must, however, be viewed in the proper
perspective, that is, as minimum requirements
covering a broad class of structures of more or
less conventional configuration. Unusual
structures must still be designed with special
care and may call for procedures beyond those
normally required by codes.
The basic form of modern code provisions
on earthquake-resistant design has evolved
from rather simplified concepts of the dynamic
behavior of structures and has been greatly
influenced by observations of the performance
of structures subjected to actual earthquakes. (69 ) It has been noted, for instance, that many
structures built in the 1930s and designed on
the basis of more or less arbitrarily chosen
lateral forces have successfully withstood
severe earthquakes. The satisfactory
performance of such structures has been
attributed to one or more of the following (7 0 ,
7 1)
: (i) yielding in critical sections of members
(yielding not only may have increased the
period of vibration of such structures to values
beyond the damaging range of the ground
motions, but may have allowed them to
dissipate a sizable portion of the input energy
from an earthquake); (ii) the greater actual
strength of such structures resulting from socalled nonstructural elements which are
generally ignored in analysis, and the
significant energy-dissipation capacity that

cracking in such elements represented; and (iii)
the reduced response of the structure due to
yielding of the foundation.
The distribution of the code-specified design
lateral forces along the height of a structure is
generally similar to that indicated by the
envelope of maximum horizontal forces
obtained by elastic dynamic analysis. These
forces are considered service loads, i.e., to be
resisted within a structure‘s elastic range of
stresses. However, the magnitudes of these
code forces are substantially smaller than those
which would be developed in a structure
subjected to an earthquake of moderate-tostrong intensity, such as that recorded at El
Centro in 1940, if the structure were to respond
elastically to such ground excitation. Thus,
buildings designed under the present codes
would be expected to undergo fairly large
deformations (four to six times the lateral
displacements resulting from the code-specified
forces) when subjected to an earthquake with
the intensity of the 1940 El Centro. (2 ) These
large deformations will be accompanied by
yielding in many members of the structure, and,
in fact, such is the intent of the codes. The
acceptance of the fact that it is economically
unwarranted to design buildings to resist major
earthquakes elastically, and the recognition of
the capacity of structures possessing adequate
strength and ductility to withstand major
earthquakes by responding inelastically to
them, lies behind the relatively low forces
specified by the codes. These reduced forces
are coupled with detailing requirements
designed to insure adequate inelastic
deformation capacity, i.e., ductility. The
capacity of an indeterminate structure to deform
in a ductile manner, that is to deform well
beyond the yield limit without significant loss
of strength, allows such a structure to dissipate
a major portion of the energy from an
earthquake without serious damage.

4.3

Principal Earthquake-Design
Provisions of ASCE 7-95, IBC2000, UBC-97, and ACI Chapter 21
Relating to Reinforced Concrete

The principal steps involved in the design of
earthquake-resistant cast-in-place reinforced
concrete buildings, with particular reference to
the application of the provisions of nationally
accepted model codes or standards, will be
discussed below. The minimum design loads
specified in ASCE 7-95,
Minimum design
Loads for Buildings and Other Structures (7 2)
and the design and detailing provisions
contained in Chapter 21 of ACI 318-95,
Building Code Requirements for Reinforced
Concrete,( 10 ) will be used as bases for the
discussion. Emphasis will be placed on those
provisions relating to the proportioning and
detailing of reinforced concrete elements, the
subject of the determination of earthquake
design forces having been treated in Chapters 4
and 5. Where appropriate, reference will be
made to differences between the provisions of
these model codes and those of related codes.
Among the more important of these is the IBC2000 61 ) which is primarily a descendant of
ATC 3-06 (73 ) and the latest edition of the
Recommended Lateral Force Requirements of
the Structural Engineers Association of
California (SEAOC-96).(74 )
The ASCE 7-95 provisions relating to
earthquake design loads are basically similar to
those found in the 1997 Edition of the Uniform
Building Code (UBC-97) (1) . The current
UBC-97 earthquake design load requirements
are based on the 1996 SEAOC
Recommendations (SEAOC-96). Except for
minor modifications, the design and detailing
requirements for reinforced concrete members
found in UBC-97 (SEAOC-96) and IBC-2000
are essentially those of ACI Chapter 21.
Although the various code-formulating
bodies in the United States tend to differ in
what they consider the most appropriate form in
which to cast specific provisions and in their
judgment of the adequacy of certain design
requirements, there has been a tendency for the
different codes and model codes to gradually

take certain common general features. And
while many questions await answers, it can
generally be said that the main features of the
earthquake-resistant design provisions in most
current regional and national codes have good
basis in theoretical and experimental studies as
well as field observations. As such, they should
provide reasonable assurance of attainment of
the stated objectives of earthquake-resistant
design. The continual refinement and updating
of provisions in the major codes to reflect the
latest findings of research and field
observations( 75 )
should inspire increasing
confidence in the soundness of their
recommendations.
The following discussion will focus on the
provisions of ASCE 7-95 and ACI Chapter 21,
with occasional references to parallel provisions
of IBC-2000 and UBC-97 (SEAOC-96).
The design earthquake forces specified in
ASCE 7-95 is intended as equivalent static
loads. As its title indicates, ASCE 7-95 is
primarily a load standard, defining minimum
loads for structures but otherwise leaving out
material and member detailing requirements.
ACI Chapter 21 on the other hand, does not
specify the manner in which earthquake loads
are to be determined, but sets down the
requirements by which to proportion and detail
monolithic cast-in-place reinforced concrete
members in structures that are expected to
undergo inelastic deformations during
earthquakes.
Design of a
Principal Design Steps
reinforced concrete building in accordance with
the equivalent static force procedure found in
current U.S. seismic codes involves the
following principal steps:
1. Determination of design ―earthquake‖
forces:
• Calculation of base shear corresponding to
the computed or estimated fundamental
period of vibration of the structure. (A
preliminary design of the structure is
assumed here.)
• Distribution of the base shear over the
height of the building.

2. Analysis of the structure under the (static)
lateral forces calculated in step (1), as well as
under gravity and wind loads, to obtain member
design forces and story drift ratios. The lateral
load analysis, of course, can be carried out most
conveniently by using a computer program for
analysis.
For certain class of structures having plan or
vertical irregularities, or structure over 240 feet
in height, most building codes require dynamic
analysis to be performed. In this case, ASCE 795 and IBC-2000 require that the design
parameters including story shears, moments,
drifts and deflections determined from dynamic
analysis to be adjusted. Where the design value
for base shear obtained from dynamic analysis
( Vt ) is less than the calculated base shear (
V)
determined using the step 1 above, these design
parameters is to be increased by a factor of
V/Vt .
3. Designing members and joints for the
most unfavorable combination of gravity and
lateral loads. The emphasis here is on the
design and detailing of members and their
connections to insure their ductile behavior.
The above steps are to be carried out in each
principal (plan) direction of the building. Most
building codes allow the design of a structure in
each principal direction independently of the
other direction on the assumption that the
design lateral forces act non-concurrently in
each principal direction. However, for certain
building categories which may be sensitive to
torsional oscillations or characterized by
significant irregularities and for columns
forming part of two or more intersecting lateralforce-resisting systems, orthogonal effects need
to be considered. For these cases, the codes
consider the orthogonal effects requirement
satisfied if the design is based on the more
severe combination of 100 percent of the
prescribed seismic forces in one direction plus
30 percent of the forces in the perpendicular
direction.
Changes in section dimensions of some
members may be indicated in the design phase
under step (3) above. However, unless the
required changes in dimensions are such as to

materially affect the overall distribution of
forces in the structure, a reanalysis of the
structure using the new member dimensions
need not be undertaken. Uncertainties in the
actual magnitude and distribution of the seismic
forces as well as the effects of yielding in
redistributing forces in the structure would
make such refinement unwarranted. It is,
however, most important to design and detail
the reinforcement in members and their
connections to insure their ductile behavior and
thus allow the structure to sustain without
collapse the severe distortions that may occur
during a major earthquake. The code provisions
intended to insure adequate ductility in
structural elements represent the major
difference between the design requirements for
conventional, non-earthquake-resistant
structures and those located in regions of high
earthquake risk.
Load Factors, Strength Reduction Factors,
and Loading Combinations Used as Bases for
Design Codes generally require that the
strength or load-resisting capacity of a structure
and its component elements be at least equal to
or greater than the forces due to any of a
number of loading combinations that may
reasonably be expected to act on it during its
life. In the United States, concrete structures are
commonly designed using the ultimatestrengthb method. In this approach, structures
are proportioned so that their (ultimate)
capacity is equal to or greater than the required
(ultimate) strength. The required strength is
based on the most critical combination of
factored loads, that is, specified service loads
multiplied by appropriate
load factors. The
capacity of an element, on the other hand, is
obtained by applying a
strength-reduction
factor f to the nominal resistance of the
element as determined by code-prescribed
expressions or procedures or from basic
mechanics.
Load factors are intended to take account of
the variability in the magnitude of the specified
ACI 318-71, the term ―ultimate‖ has been dropped,
so that what used to be referred to as ―ultimate-strength
design‖ is now simply called ―strength design.‖

b Since

loads, lower load factors being used for types of
loads that are less likely to vary significantly
from the specified values. To allow for the
lesser likelihood of certain types of loads
occurring simultaneously, reduced load factors
are specified for some loads when considered in
combination with other loads.
ACI 318-95 requires that structures, their
components, and their foundations be designed
to have strengths not less than the most severe
of the following combinations of loads:
1.4D + 1.7L
0.75[l.4D + 1.7L ± (1.7W or l.87E)]
U=

0.9D ± (1.3Wor 1.43E)
1.4D + 1.7L + (1.7H or l.4F)
0.9D + (1.7H or 1.4F)
0.75(1.4D + 1.7L + 1.4T)

( 1)
E = Q E + 0.2 SDS D
E = Q E - 0.2 SDS D (3)

where
U = required strength to resist the factored
loads
D = dead load
L = live load
W = wind load
E = earthquake load
F = load due to fluids with and maximum
heights well-defined pressures
H = load due to soil pressure
T = load due to effects of temperature,
shrinkage, expansion of shrinkage
compensating concrete, creep,
differential settlement, or combinations
thereof.
ASCE 7-95 specifies slightly different load
factors for some load combinations, as follows:
1.4 D
1.2(D + F + T) + 1.6(L + H) + 0.5(L r or S or R)
U=

where
Lr = roof live load
S = snow load
R = rain load
For garages, places of public assembly, and all
areas where the live load is greater than 100
lb/ft2 , the load factor on L in the third, fourth,
and fifth combinations in Equation 10-2 is to be
taken equal to 1.0.
For the design of earthquake-resistant
structures, UBC-97 uses basically the same load
combinations specified by ASCE 7-95 as
shown in Equation 10-2.
IBC-2000 requires that the load
combinations to be the same as those specified
by ASCE 7-95 as shown in Equation 2.
However, the effect of seismic load, E, is
defined as follows:

1.2D + 1.6(L or S or R) + (0.5L or 0.8W)
r

1.2 D + 1.3W + 0.5L + 0.5(L r or S or R)
1.2 D + 1.0 E + 0.5 L + 0.2 S
0.9 D + ( 1.3W or 1.0 E)

(2)

where
E = the effect of horizontal and vertical
earthquake-induced forces,
SDS = the design spectral response
acceleration at short periods
D = the effect of dead load
= the reliability factor
QE = the effect of horizontal seismic forces
To consider the extent of structural redundancy
inherent in the lateral-force-resisting system,
the reliability factor,
, is introduced for
buildings located in areas of moderate to high
seismicity. This is basically a penalty factor for
buildings in which the lateral resistance is
limited to only few members in the structure.
The maximum value of is limited to 1.5.
The factor 0.2 S DS in Equation (3) is
placed on the dead load to account for the
effects of vertical acceleration.
For situations where failure of an isolated,
individual, brittle element can result in the loss
of a complete lateral-force-resisting system or
in instability and collapse, IBC-2000 has a
specific requirement to determine the seismic
design forces. These elements are referred to as
collector elements. Columns supporting

discontinuous lateral-load-resisting elements
such as walls also fall under this category. The
seismic loads are as follows:
E=
E=

Q E + 0.2 S DS D
Q E - 0.2 S DS D (4)
o
o

where o is the system overstrength factor
which is defined as the ratio of the ultimate
lateral force the structure is capable of resisting
to the design strength. The value of
varies
o
between 2 to 3 depending on the type of lateral
force resisting system.
As mentioned earlier, the capacity of a
structural element is calculated by applying a
strength reduction factor
f to the nominal
strength of the element. The factor f is intended
to take account of variations in material
strength and uncertainties in the estimation of
the nominal member strength, the nature of the
expected failure mode, and the importance of a
member to the overall safety of the structure.
For conventional reinforced concrete structures,
ACI 318-95 specifies the following values of
the strength reduction factor f :
0.90 for flexure, with or without axial
tension
0.90 for axial tension
0.75 for spirally reinforced members
subjected to axial compression, with
or without flexure
0.70

for other reinforced members (tied
columns) subjected to axial
compression, with or without flexure
(an increase in the f value for
members subjected to combined
axial load and flexure is allowed as
the loading condition approaches the
case of pure flexure)

0.85 for shear and torsion
0.70 for bearing on concrete
ACI Chapter 21 specifies the following
exception to the above values of the strength-

reduction factor as given in the main body of
the ACI Code:
For structural members other than joints, a
value f = 0.60 is to be used for shear when the
nominal shear strength of a member is less than
the shear corresponding to the development of
the nominal flexural strength of the member.
For shear in joints, f = 0.85.
The above exception applies mainly to lowrise walls or portions of walls between
openings.
Code Provisions Designed to Insure
Ductility in Reinforced Concrete Members
The principal provisions of ACI Chapter 21
will be discussed below. As indicated earlier,
the requirements for proportioning and detailing
reinforced concrete members found in UBC-97
(SEAOC-96) and IBC-2000 are essentially
those of ACI Chapter 21. Modifications to the
ACI Chapter 21 provisions found in UBC-97
and IBC-2000 will be referred to where
appropriate.
Special provisions governing the design of
earthquake-resistant structures first appeared in
the 1971 edition of the ACI Code. The
provisions Chapter 21 supplement or supersede
those in the earlier chapters of the code and deal
with the design of ductile moment-resisting
space frames and shear walls of cast-in-place
reinforced concrete.
ACI 318-95 does not specify the magnitude
of the earthquake forces to be used in design.
The Commentary to Chapter 21 states that the
provisions are intended to result in structures
capable of sustaining a series of oscillations in
the inelastic range without critical loss in
strength. It is generally accepted that the
intensity of shaking envisioned by the
provisions of the first seven sections of ACI
Chapter 21 correspond to those of UBC seismic
zones 3 and 4. In the 1983 edition of the ACI
Code, a section (Section A.9; now section 21.8)
was added to cover the design of frames located
in areas of moderate seismic risk, roughly
corresponding to UBC seismic zone 2. For
structures located in areas of low seismic risk
(corresponding to UBC seismic zones 0 and 1)

and designed for the specified earthquake
forces, very little inelastic deformation may be
expected. In these cases, the ductility provided
by designing to the provisions contained in the
first 20 Chapters of the code will generally be
sufficient.
A major objective of the design provisions
in ACI Chapter 21, as well as in the earlier
chapters of the code, is to have the strength of a
structure governed by a ductile type of flexural
failure mechanism. Stated another way, the
provisions are aimed at preventing the brittle or
abrupt types of failure associated with
inadequately reinforced and over-reinforced
members failing in flexure, as well as with
shear (i.e., diagonal tension) and anchorage or
bond failures. The main difference between
Chapter 21 and the earlier chapters of the ACI
Code lies in the greater range of deformation,
with yielding actually expected at critical
locations, and hence the greater ductility
required in designs for resistance to major
earthquakes. The need for greater ductility
follows from the design philosophy that uses
reduced forces in proportioning members and
provides for the inelastic deformations that are
expected under severe earthquakes by special
ductility requirement s.
A provision unique to earthquake-resistant
design of frames is the so-called strong columnweak beam requirement. As discussed in
Section 10.3.4 under ―Beam—Column Joints,‖
this requirement calls for the sum of the
flexural strengths of columns meeting at a
frame joint to be at least 1.2 times that of the
beams framing into the joint. This is intended to
force yielding in such frames to occur in the
beams rather than in the columns and thus
preclude possible instability due to plastic
hinges forming in the columns. As pointed out
earlier, this requirement may not guarantee nondevelopment of plastic hinges in the columns.
The strong column-weak beam requirement
often results in column sizes that are larger than
would otherwise be required, particularly in the
upper floors of multistory buildings with
appreciable beam spans.

1. Limitations on material strengths. ACI
Chapter 21 requires a minimum specified
f ' of 3000 lb/in. 2 and a
concrete strength
c
maximum specified yield strength of
reinforcement, f y of 60,000 lb/in. 2 . These limits
are imposed with a view to restricting the
unfavorable effects that material properties
beyond these limits can have on the sectional
ductility of members. ACI Chapter 21 requires
that reinforcement for resisting flexure and
axial forces in frame members and wall
boundary elements be ASTM 706 grade 60
low-alloy steel intended for applications where
welding or bending, or both, are important.
However, ASTM 615 billet steel bars of grade
40 or 60 may be used provided the following
two conditions are satisfied:
(actual fy ) = (specified fy ) ± 18,000 lb/in.2

actual ultimatetensile stress
= 1.25
actual f
y

The first requirement helps to limit the increase
in magnitude of the actual shears that can
develop in a flexural member beyond that
computed on the basis of the specified yield
stress when plastic hinges form at the ends of a
beam. The second requirement is intended to
insure reinforcement with a sufficiently long
yield plateau.
In the ―strong column-weak beam‖ frame
intended by the code, the relationship between
the moment capacities of columns and beams
may be upset if the beams turn out to have
much greater moment capacity than intended by
the designer. Thus, the substitution of 60-ksi
steel of the same area for specified 40-ksi steel
in beams can be detrimental. The shear strength
of beams and columns, which is generally
based on the condition of plastic hinges forming
(i.e., My acting) at the member ends, may
become inadequate if the actual moment
capacities at the member ends are greater than
intended as a result of the steel having a
substantially greater yield strength than
specified.

2.Flexural members (beams). These include
members having a clear span greater than four
times the effective depth that are subject to a
factored axial compressive force not exceeding
Ag c f ' /10, where Ag is the gross cross-sectional
area. Significant provisions relating to flexural
members of structures i n regions of high
seismic risk are discussed below.

200/f
y

two continuous bars at both top
= and bottom of member
mi n

3 f '
c

f
y

ma x

(a) Limitations on section dimensions
width/depth = 0.3
= 10 in .
width
= width of supporting column +
1 . 5 × (depth of beam )

(b) Limitations on flexural reinforcement ratio
(see also Figure 34):

Figure 34.

= 0.025

The minimum steel required can be waived if
the area of tensile reinforcement at every
section is at least one-third greater than
required by analysis.
(c) Moment capacity requirements:
At beam ends
My + = 0.5 My At any section in beam span
My + or My - =0.25 ( My max at beam ends)

Longitudinal reinforcement requirements for flexural members

(d) Restrictions on lap splices: Lap splices
shall not be used
(1) within joints,
(2) within 2h from face of support, where h
is total depth of beam,
(3) at locations of potential plastic hinging.
Lap splices, where used, are to be
confined by hoops or spiral
reinforcement with a maximum spacing
or pitch of d/4 or 4 in.
(e) Restrictions on welding of longitudinal
reinforcement: Welded splices and mechanical
connectors may be used provided:
(1) they are used only on alternate bars in
each layer at any section;
(2) the distance between splices of adjacent
bars is =24 in.
(3) Except as noted above, welding of
reinforcement required to resist load
combinations including earthquake
effects is not permitted. Also, the
welding of stirrups, ties, inserts, or other
similar elements to longitudinal bars is
prohibited
(f) Development length requirements for
longitudinal bars in tension:
(1) For bar sizes 3 through 11 with a
standard 90 ° hook (as shown in Figure
10-35) in normal weight concrete, the
development length

f d
y

b

65 f '
c

l = 8d
dh

b

6 in.
(db is bar diameter).
(2) When bars are embedded in lightweightaggregate concrete, the development
length is to be at least equal to the
greater of 10db , 7.5 in. or 1.25 times the
values indicated above.
(3) The 90 °hook shall be located within the
confined core of a column or boundary
element.

(4) For straight bars of sizes 3 through 11,
the development length,
ld =2.5 x ( ld h for bars with 90 ° hooks) ,
when the depth of concrete cast in one
lift beneath the bar is = 12 in., or ld =3.5
× ( ldh for bars with 90 ° hooks) if the
above mentioned depth is > 12 in.

Figure 35.

Development length for beam bars with 90
hooks.

o

(5) If a bar is not anchored by means of a
90 °hook within the confined column
core, the portion of the required straight
development length not located within
the confined core shall be increased by a
factor of 1.6.
(6) When epoxy-coated bars are used, the
development lengths calculated above to
be increased by a factor of 1.2. However,
for straight bars, with covers less than
3db or clear spacing less than 6d b , a
factor of 1.5 to be used .
(g) Transverse reinforcement requirements for
confinement and shear: Transverse
reinforcement in beams must satisfy
requirements associated with their dual function
as confinement reinforcement and shear
reinforcement (see Figure 36).
(1) Confinement reinforcement in the form
of hoops is required:

(i)

(ii)

over a distance 2d from faces of
support (where d is the effective
depth of the member);
over distances 2d on both sides of
sections within the span where
flexural yielding may occur due to
earthquake loading.

(2) Hoop spacing:
(iii)
First hoop at 2 in. from face of
support.
(iv)
Maximum spacing
d /4
=

8 × ( diameter of smallest longitudin al bar )
24 × ( diameter of hoop bars )
12 in .

(4) Where hoops are not required, stirrups
with seismic hooks at both ends with a
spacing of not more than d/2 to be
provided throughout the length of the
member.
(5) Shear reinforcement—to be provided so
as to preclude shear failure prior to
development of plastic hinges at beam
ends. Design shears for determining
shear reinforcement are to be based on a
condition where plastic hinges occur at
beam ends due to the combined effects
of lateral displacement and factored
gravity loads (see Figure 16). The
probable flexural strength, M
pr
associated with a plastic hinge is to be
computed using a strength reduction
factor f = 1.0 and assuming a stress in
the tensile reinforcement fs = 1.25fy .
(6) In determining the required shear
reinforcement, the contribution of the
concrete, V c , is to be neglected if the
shear associated with the probable
flexural strengths at the beam ends is
equal to or greater than one-half the total
design shear and the factored axial
compressive force including earthquake
effects is less than Ag c f ' /20.
(7) The transverse reinforcement provided
must satisfy the requirements for
confinement or shear, whichever is more
stringent.
Discussion:

Figure 36.
Transverse reinforcement limitations for
flexural members. Minimum bar size- #3

(3) Lateral support for perimeter
longitudinal bars where hoops are
required: Every corner and alternate
longitudinal bar shall be supported by
the corner of a hoop with an included
angle 135 °, with no longitudinal bar
farther than 6 in. along the tie from such
a laterally supported bar. Where the
longitudinal perimeter bars are arranged
in a circle, a circular hoop may be used.

(a) Limitations on section dimensions: These
limitations have been guided by experience
with test specimens subjected to cyclic
inelastic loading.
(b) Flexural reinforcement limitations: Because
the ductility of a member decreases with
increasing tensile reinforcement ratio, ACI
Chapter 21 limits the maximum
reinforcement ratio to 0.025. The use of a
limiting ratio based on the ―balanced
condition‖ as given in the earlier chapters
of the code, while applicable to members
loaded monotonically, fails to describe
conditions in flexural members subjected to

reversals of inelastic deformation. The
limiting ratio of 0.025 is based mainly on
considerations of steel congestion and also
on limiting shear stresses in beams of
typical proportions. From a practical
standpoint, low steel ratios should be used
whenever possible. The requirements of at
least two continuous bars top and bottom,
refers to construction rather than behavioral
requirements.
The selection of the size, number, and
arrangement of flexural reinforcement
should be made with full consideration of
construction requirements. This is
particularly important in relation to beamcolumn connections, where construction
difficulties can arise as a result of
reinforcement congestion. The preparation
of large-scale drawings of the connections,
showing all beam, column, and joint
reinforcements, will help eliminate
unanticipated problems in the field. Such
large-scale drawings will pay dividends in
terms of lower bid prices and a smoothrunning construction job. Reference 76
provides further recommendations on
reinforcement detailing.
(c) Positive moment capacity at beam ends: To
allow for the possibility of the positive
moment at the end of a beam due to
earthquake-induced lateral displacements
exceeding the negative moment due to the
gravity loads, the code requires a minimum
positive moment capacity at beam ends
equal to 50% of the corresponding negative
moment capacity.
(d) Lap splices: Lap splices of flexural
reinforcement are not allowed in regions of
potential plastic hinging since such splices
are not considered to be reliable under
reversed inelastic cycles of deformation.
Hoops are mandatory for confinement of
lap splices at any location because of the
likelihood of loss of the concrete cover.
(e) Welded splices and mechanical connectors:
Welded splices and mechanical connectors
are to conform to the requirements given in
Chapter 12 of the ACI 318-95. A major
requirement is that the splices develop at

least 125% of the specified yield strength of
the bar.
As mentioned earlier, the welding of
stirrups, ties, inserts, or other similar
elements to longitudinal bars is not
permitted.
(f) Development length: The expression for ldh
given above already includes the
coefficients 0.7 (for concrete cover) and
0.80 (for ties) that are normally applied to
the basic development length, ldb . This is so
because ACI Chapter 21 requires that hooks
be embedded in the confined core of a
column or boundary element. The
expression for ld h also includes a factor of
about 1.4, representing an increase over the
development length required for
conventional structures, to provide for the
effect of load reversals.
Except in very large columns, it is
usually not possible to develop the yield
strength of a reinforcing bar from the
framing beam within the width of a column
unless a hook is used. Where beam
reinforcement can extend through a
column, its capacity is developed by
embedment in the column and within the
compression zone of the beam on the far
side of the connection (see Figure 34).
Where no beam is present on the opposite
side of a column, such as in exterior
columns, the flexural reinforcement in a
framing beam has to be developed within
the confined region of the column. This is
usually done by means of a standard 90
°
hook plus whatever extension is necessary
to develop the bar, the development length
being measured from the near face of the
column, as indicated in Figure 35. The
use of a beam stub at the far (exterior) side
of a column may also be considered (see
Figure 22). ACI Chapter 21 makes no
provision for the use of size 14 and 18 bars
because of lack of sufficient information on
the behavior at anchorage locations of such
bars when subjected to load reversals
simulating earthquake effects.
(g) Transverse reinforcement: Because the
ductile behavior of earthquake-resistant

frames designed to current codes is
premised on the ability of the beams to
develop plastic hinges with adequate
rotational capacity, it is essential to insure
that shear failure does not occur before the
flexural capacity of the beams has been
developed. Transverse reinforcement is
required for two related functions: (i) to
provide sufficient shear strength so that the
full flexural capacity of the member can be
developed, and (ii) to insure adequate
rotation capacity in plastic-hinging regions
by confining the concrete in the
compression zones and by providing lateral
support to the compression steel. To be
equally effective with respect to both
functions under load reversals, the
transverse reinforcement should be placed
perpendicular to the longitudinal
reinforcement.
Shear reinforcement in the form of
stirrups or stirrup ties is to be designed for
the shear due to factored gravity loads and
the shear corresponding to plastic hinges
forming at both ends of a beam. Plastic end
moments associated with lateral
displacement in either direction should be
considered (Figure 16). It is important to
note that the required shear strength in
beams (as in columns) is determined by the
flexural strength of the frame member (as
well as the factored loads acting on the
member), rather than by the factored shear
force calculated from a lateral load
analysis. The use of the factor 1.25 on fy for
calculating the probable moment strength is
intended to allow for the actual steel
strength exceeding the specified minimum
and also recognizes that the strain in
reinforcement of sections undergoing large
rotations can enter the strain-hardening
range.
To allow for load combinations not
accounted for in design, a minimum
amount of web reinforcement is required
throughout the length of all flexural
members. Within regions of potential
hinging, stirrup ties or hoops are required.

A hoop may be made of two pieces of
reinforcement: a stirrup having 135 ° hooks
with 6-diameter extensions anchored in the
confined core and a crosstie to close the
hoop (see Figure 37). Consecutive ties
are to have their 90 °hooks on opposite
sides of the flexural member.

Figure 37.

Single and two-piece hoops

3. Frame members subjected to axial load
and bending. ACI Chapter 21
makes the
distinction between columns or beam—
columns and flexural members on the basis of
the magnitude of the factored axial load acting
on the member. Thus, if the factored axial load
does not exceed Ag c f ' /10, the member falls
under the category of flexural members, the
principal design requirements for which were
discussed in the preceding section. When the
factored axial force on a member exceeds
Ag c f ' /10, the member is considered a beam—
column. Major requirements governing the
design of such members in structures located in
areas of high seismic risk are given below.
(a) Limitations on section dimensions:
shortest cross-sectional dimension =12 in.
(measured on line passing through
geometric centroid);
shortest dimension
perpendicular dimension

= 0 .4

(b) Limitations on longitudinal reinforcement:
mi n

= 0.01,

ma x

= 0.06

(c) Flexural strength of columns relative to
beams framing into a joint (the so-called
―strong column-weak beam‖ provision):
Me =

6
5

Mg

(5)

where
Me = sum of the design flexural strengths
of the columns framing into joint. Column
flexural strength to be calculated for the
factored axial force, consistent with the
direction of the lateral loading considered,
that results in the lowest flexural strength
Mg = sum of design flexural strengths of
beams framing into joint
The lateral strength and stiffness of
columns not satisfying the above requirement
are to be ignored in determining the lateral
strength and stiffness of the structure. Such
columns have to be designed in accordance
with the provisions governing members not
proportioned to resist earthquake-induced
forces, as contained in the ACI section 21.7.
However, as the commentary to the Code
cautions, any negative effect on the building
behavior of such non-conforming columns
should not be ignored. The potential increase in
the base shear or of torsional effects due to the
stiffness of such columns should be allowed
for.
(d) Restriction on use of lap splices: Lap
splices are to be used only within the
middle half of the column height and are to
be designed as tension splices.
(e) Welded splices or mechanical connectors
for longitudinal reinforcement: Welded
splices or mechanical connectors may be
used at any section of a column, provided
that:
(1) they are used only on alternate
longitudinal bars at a section;

(2) the distance between splices along the
longitudinal axis of the reinforcement is
=24 in.
(f) Transverse reinforcement for confinement
and shear: As in beams, transverse
reinforcement in columns must provide
confinement to the concrete core and lateral
support for the longitudinal bars as well as
shear resistance. In columns, however, the
transverse reinforcement must all be in the
form of closed hoops or continuous spiral
reinforcement. Sufficient reinforcement
should be provided to satisfy the
requirements for confinement or shear,
whichever is larger.
(1) Confinement requirements (see Figure 38)
– Volumetric ratio of spiral or circular hoop
reinforcement:
0 .12

f '
c

f
s

=
0 .45

yh

(6)

- Ag

1

Ach

f '
c

f yh

fyh = specified yield strength of
transverse reinforcement, in
lb/in.2
Ach = core area of column section,
measured to the outside of
transverse reinforcement, in in. 2
– Rectangular hoop reinforcement, total crosssectional area, within spacing‘s :
0.09 sh c
As h =
0 . 3 sh

f'

c

f yh

- Ag
c

Ac h

(10-7)
1

fc '
fy h

where
hc = cross-sectional dimension of column
core, measured center-to-center of
confining reinforcement
s = spacing of transverse reinforcement

Figure 38.

Confinement requirements for column ends.

measured along axis of member, in in.
sm a x = min ¼(smallest cross-sectional
dimension of member),4 in.
maximum permissible spacing in plane
of cross-section between legs of
overlapping hoops or cross ties is 14
in.
(2) Confinement reinforcement is to be
provided over a length
l0 from each
joint face or over distances l0 on both
sides of any section where flexural
yielding may occur in connection with
lateral displacements of the frame,
where

depth d of member
l0 = 1 / 6(clear span of member )

18 in.
UBC-97
further requires that
confinement reinforcement be provided
at any section of a column where the
nominal axial strength, f Pn is less than
the sum of the shears corresponding to

the probable flexural strengths of the
beams (i.e., based on fs = 1.25fy and f =
1.0) framing into the column above the
level considered.
(3) over segments of a column not provided
with transverse reinforcement in
accordance with Eqs. (6) and (7)
and the related requirements described
above, spiral or hoop reinforcement is
to be provided, with spacing not
exceeding 6 ×(diameter of longitudinal
column bars) or 6 in., whichever is less.
(4) Transverse reinforcement for shear in
columns is to be based on the shear
associated with the maximum probable
moment strength, Mp r , at the column
ends (using fs = 1.25 fy and f = 1.0)
corresponding to the range of factored
axial forces acting on the column. The
calculated end moments of columns
meeting at a joint need not exceed the
sum of the probable moment strengths
of the girders framing into the joint.
However, in no case should the design

Figure 39.

Columns supporting discontinued wall.

shear be less than the factored shear
determined by analysis of the structure.
(g) Column supporting discontinued walls:
Columns supporting discontinued shear
walls or similar stiff elements are to be
provided with transverse reinforcement over
their full height below the discontinuity (see
Figure 39) when the axial compressive
force due to earthquake effects exceeds
Ag c f ' /10.
The transverse reinforcement in columns
supporting discontinued walls be extended
above the discontinuity by at least the
development length of the largest vertical
bar and below the base by the same amount
where the column rests on a wall. Where the
column terminates in a footing or mat, the
transverse reinforcement is to be extended
below the top of the footing or mat a
distance of at least 12 in.

Discussion:
(b) Reinforcement ratio limitation: ACI
Chapter 21 specifies a reduced upper limit
for the reinforcement ratio in columns from
the 8% of Chapter 10 of the code to 6%.
However, construction considerations will
in most cases place the practical upper limit
on the reinforcement ratio
near 4%.
Convenience in detailing and placing
reinforcement in beam-column connections
makes it desirable to keep the column
reinforcement low.
The minimum reinforcement ratio is
intended to provide for the effects of timedependent deformations in concrete under
axial loads as well as maintain a sizable
difference between cracking and yield
moment s.

(Mc t + Mcb ) =
pr

Figure 40.

pr
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(Mb l + Mbr )
pr

pr

Strong column-weak beam frame
requirements.

(c) Relative column-to-beam flexural strength
requirement: To insure the stability of a
frame and maintain its vertical-loadcarrying capacity while undergoing large
lateral displacements, ACI
Chapter 21
requires that inelastic deformations be
generally restricted to the beams. This is the
intent of Equation 10-5 (see Figure 10-40).
As mentioned, formation of plastic hinges at
both ends of most columns in a story can
precipitate a side sway mechanism leading to
collapse of the story and the structure above
it. Also, as pointed out in Section 10.3.4
under ―Beam—Column Joints,‖ compliance
with this provision does not insure that
plastic hinging will not occur in the
columns.
If Equation 5 is not satisfied at a joint,
columns supporting reactions from such a
joint are to be provided with transverse
reinforcement over their full height.
Columns not satisfying Equation 10-5 are to
be ignored in calculating the strength and
stiffness of the structure. However, since
such columns contribute to the stiffness of
the structure before they suffer severe loss
of strength due to plastic hinging, they
should not be ignored if neglecting them
results in unconservative estimates of design
forces. This may occur in determining the
design base shear or in calculating the
effects of torsion in a structure. Columns not
satisfying Equation 10-5 should satisfy the
minimum requirement s for members not

proportioned to resist earthquake-induced
forces, discussed under item 6 below.
(f)Transverse reinforcement for confinement
and shear: Sufficient transverse
reinforcement in the form of rectangular
hoops or spirals should be provided to
satisfy the larger requirement for either
confinement or shear.
Circular spirals represent the most
efficient form of confinement
reinforcement. The extension of such spirals
into the beam—column joint, however, may
cause some construction difficulties.
Rectangular hoops, when used in place of
spirals, are less effective with respect to
confinement of the concrete core. Their
effectiveness may be increased, however,
with the use of supplementary cross-ties.
The cross-ties have to be of the same size
and spacing as the hoops and have to engage
a peripheral longitudinal bar at each end.
Consecutive cross-ties are to be alternated
end for end along the longitudinal
reinforcement and are to be spaced no
further than 14 in. in the plane of the column
cross-section (see Figure 41). The
requirement of having the cross-ties engage
a longitudinal bar at each end would almost
preclude placing them before the
longitudinal bars are threaded through.

Figure 41.

Rectangular transverse reinforcement in
columns.

Vt = Vb =

Figure 42.
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Loading cases for design of shear reinforcement for columns.

In addition to confinement
requirements, the transverse reinforcement
in columns must resist the maximum shear
associated with the formation of plastic
hinges at the column ends. Although the
strong column-weak beam provision
governing relative moment strengths of
beams and columns meeting at a joint is
intended to have most of the inelastic
deformation occur in the beams of a frame,
the code recognizes that hinging can occur
in the columns. Thus, the shear
reinforcement in columns is to be based on
the shear corresponding to the development
of the probable moment strengths at the
ends of the columns, i.e., using fs = 1.25 fy
and f = 1.0. The values of these end
moments —obtained from the
P-M
interaction diagram for the particular
column section considered—are to be the

maximum consistent with the range of
possible factored axial forces on the column.
Moments associated with lateral
displacements of the frame in both
directions, as indicated in Figure 42,
should be considered. The axial load
corresponding to the maximum moment
capacity should then be used in computing
the permissible shear in concrete, Vc .
(g) Columns supporting discontinued walls:
Columns supporting discontinued shear
walls tend to be subjected to large shears
and compressive forces, and can be
expected to develop large inelastic
deformations during strong earthquakes;
hence the requirement for transverse
reinforcement throughout the height of such
columns according to equations (6) and
(7) if the factored axial force exceeds A
g
f ' /10
c

4. Beam-column connections.
In conventional reinforced-concrete
buildings, the beam-column connections
usually are not designed by the structural
engineer. Detailing of reinforcement within
the joints is normally relegated to a
draftsman or detailer. In earthquake resistant
frames, however, the design of beam-column
connections requires as much attention as the
design of the members themselves, since the
integrity of the frame may well depend on
the proper performance of such connections.
Because of the congestion that may result
from too many bars converging within the
limited space of the joint, the requirements
for the beam—column connections have to
be considered when proportioning the
columns of a frame. To minimize placement
difficulties, an effort should be made to keep
the amount of longitudinal reinforcement in
the frame members on the low side of the
permissible range.
The provisions of ACI Chapter 21 dealing
with beam-column joints relate mainly to:
(a) Transverse reinforcement for confinement:
Minimum confinement reinforcement, as
required for potential hinging regions in
columns and defined by Equations 6 and
10-7, must be provided in beam-column
joints. For joints confined on all four sides
by framing beams, a 50% reduction in the
required amount of confinement
reinforcement is allowed, the required
amount to be placed within the depth of the
shallowest framing member. In this case,
the reinforcement spacing is not to exceed
one-quarter of the minimum member
dimension nor 6 in. (instead of 4 in. for
non-confined joints). A framing beam is
considered to provide confinement to a
joint if it has a width equal to at least threequarters of the width of the column into
which it frames.
(b) Transverse reinforcement for shear: The
horizontal shear force in a joint is to be
calculated by assuming the stress in the
tensile reinforcement of framing beams
equal to 1.25 fy (see Figure 21). The

shear strength of the connection is to be
computed (for normal-weight concrete) as
f 20

f 'A
c

j

for joints confined on all four sides
f 15

f c ' Aj

f Vc = for joints confined on three sides or
on two opposite sides
f 12

f c ' Aj

for all other cases

where
f = 0.85 (for shear)
Aj = effective (horizontal) cross-sectional
area of joint in a plane parallel to the
beam reinforcement generating the
shear forces (see Figure 43)

Figure 43.

Beam-column panel zone.

As illustrated in Fig. 43, the effective area,
Aj , is the product of the joint depth and the
effective width of the joint. The joint depth is
taken as the overall depth of the column
(parallel to the direction of the shear
considered), while the effective width of the
joint is to be taken equal to the width of the

column if the beam and the column are of the
same width, or, where the column is wider than
the framing beam, is not to exceed the smaller
of:
– beam width plus the joint depth, and
– beam width plus twice the least column
projection beyond the beam side, i.e. the
distance x in Fig. 43.
For lightweight concrete, Vc is to be taken as
three-fourths the value given above for normalweight concrete.
(c) Anchorage of longitudinal beam
reinforcement terminated in a column must
be extended to the far face of the confined
column core and anchored in accordance
with the requirements given earlier for
development lengths of longitudinal bars in
tension and according to the relevant ACI
Chapter 12 requirements for bars in
compression.
Where longitudinal beam bars extend
through a joint ACI Chapter 21 requires
that the column depth in the direction of
loading be not less than 20 times the
diameter of the largest longitudinal beam
bar. For lightweight concrete, the
dimension shall be not less than 26 times
the bar diameter.

(b) Results of tests reported in Reference 41
indicate that the shear strength of joints is
not too sensitive to the amount of transverse
(shear) reinforcement. Based on these
results, ACI Chapter 21
defines the shear
strength of beam-column connections as a
function only of the cross-sectional area of
the joint, (Aj ) and f ' (see Section 3.4
c
under ―Beam-Column Joints‖).
When the design shear in the joint
exceeds the shear strength of the concrete,
the designer may either increase the column
size or increase the depth of the beams. The
former will increase the shear capacity of the
joint section, while the latter will tend to
reduce the required amount of flexural
reinforcement in the beams, with
accompanying decrease in the shear
transmitted to the joint. Yet another
alternative is to keep the longitudinal beam
bars from yielding at the faces of the
columns by detailing the beams so that
plastic hinging occurs away from the column
faces.
(c) The anchorage or development-length
requirements for longitudinal beam
reinforcement in tension have been discussed
earlier under flexural members. Note that lap
splicing of main flexural reinforcement is not
permitted within the joint.

Discussion:
(a) Transverse reinforcement for confinement:
The transverse reinforcement in a beamcolumn connection helps maintain the
vertical-load-carrying capacity of the joint
even after spalling of the outer shell. It also
helps resist the shear force transmitted by the
framing members and improves the bond
between steel and concrete within the joint.
The minimum amount of transverse
reinforcement, as given by Equations 6
and 7, must be provided through the joint
regardless of the magnitude of the calculated
shear force in the joint. The 50% reduction in
the amount of confinement reinforcement
allowed for joints having beams framing into
all four sides recognizes the beneficial
confining effect provided by these members.

5. Shear Walls. When properly proportioned
so that they possess adequate lateral
stiffness to reduce inter-story distortions
due to earthquake-induced motions, shear
walls or structural walls reduce the
likelihood of damage to the non-structural
elements of a building. When used with
rigid frames, walls form a system that
combines the gravity-load-carrying
efficiency of the rigid frame with the
lateral-load-resisting efficiency of the
structural wall. In the form of coupled walls
linked by appropriately proportioned
coupling beams (see Section 3.4 under
―Coupled Walls‖), alone or in combination
with rigid frames, structural walls provide a
laterally stiff structural system that allows
significant energy dissipation to take place

in the more easily repairable coupling
beams.
Observations of the comparative
performance of rigid-frame buildings and
buildings stiffened by structural walls
during earthquakes (77 ) have pointed to the
consistently better performance of the latter.
The performance of buildings stiffened by
properly designed structural walls has been
better with respect to both life safety and
damage control. The need to insure that
critical facilities remain operational after a
major tremor and the need to reduce
economic losses from structural and
nonstructural damage, in addition to the
primary requirement of life safety (i.e., no
collapse), has focused attention on the
desirability of introducing greater lateral
stiffness in earthquake-resistant multistory
buildings. Where acceleration-sensitive
equipment is to be housed in a structure, the
greater horizontal accelerations that may be
expected in laterally stiffer structures
should be allowed or provided for.

Figure 44.

The principal provisions of ACI Chapter
21 relating to structural walls and diaphragms
are as follows (see Figure 44):
(a) Walls (and diaphragms) are to be provided
with shear reinforcement in two orthogonal
directions in the plane of the wall. The
minimum reinforcement ratio for both
longitudinal and transverse directions is

v

=

A

sv

A cv

=

n

= 0 . 0025

where the reinforcement is to be continuous
and distributed uniformly across the shear
area, and
Acv = net area of concrete section, i.e.,
product of thickness and width of wall
section
A s v = projection on Acv of area of shear
reinforcement crossing the plane of

Structural wall design requirements.

Acv

= reinforcement ratio corresponding to
plane perpendicular to plane of
Acv
n

The maximum spacing of reinforcement is
18 in. At least two curtains of reinforcement,
each having bars running in the longitudinal
and transverse directions, are to be provided
if the in-plane factored shear force assigned
to the wall exceeds 2

Acv c

f ' . If the

(factored) design shear force does not exceed
Acv

f ' , the shear reinforcement may be
c

proportioned in accordance with the
minimum reinforcement provisions of ACI
Chapter 14.
(b) Boundary elements: Boundary elements are
to be provided, both along the vertical
boundaries of walls and around the edges of
openings, if any, when the maximum
extreme-fiber stress in the wall due to
factored forces including earthquake effects
exceeds 0.2

f ' . The boundary members
c

ma y be discontinued when the calculated
compressive stress becomes less than
0.15

f ' . Boundary elements need not be

2) the distance between splices along the
longitudinal axis of the reinforcement is =
24 in.
The requirements for boundary elements in
UBC-97 and IBC-2000 provisions which are
essentially similar are much more elaborate and
detailed in comparison with ACI. In these
two provisions , the determination of boundary
zones may be based on the level of axial, shear,
and flexural wall capacity as well as wall
geometry. Alternatively, if such conditions are
not met, it may be based on the limitations on
wall curvature ductility determined based on
inelastic displacement at the top of the wall.
Using such a procedure, the analysis should be
based on cracked shear area and moment of
inertia properties and considering the response
modification effects of possible non-linear
behavior of building. The requirements of
boundary elements using these provisions are
discussed in detail under item (f) below.
(c) Shear strength of walls (and diaphragms):
For walls with a height-to-width ratio hw /lw
=2.0, the shear strength is to be determined
using the expression:

c

provided if the entire wall is reinforced in
accordance with the provisions governing
transverse reinforcement for members
subjected to axial load and bending, as
given by Equations 6 and 7.
Boundary elements of structural walls are to
be designed to carry all the factored vertical
loads on the wall, including self-weight and
gravity loads tributary to the wall, as well as
the vertical forces required to resist the
overturning moment due to factored
earthquake loads. Such boundary elements
are to be provided with confinement
reinforcement in accordance with Equations
6 and 7.
Welded splices and mechanical connections
of longitudinal reinforcement of boundary
elements are allowed provided that:
1) they are used only on alternate longitudinal
bars at a section;

()

f V =f A 2 f ' +
n

cv

c

f
n

y

where
f = 0.60, unless the nominal shear strength
provided exceeds the shear corresponding
to development of nominal flexural
capacity of the wall
A cv = net area as defined earlier
hw = height of entire wall or of segment of
wall considered
lw = width of wall (or segment of wall) in
direction of shear force
For walls with hw /lw < 2.0, the shear may be
determined from

f V =f A a
n

cv

f '+
c

c

f
n

y

where the coefficient a c varies linearly from
a value of 3.0 for hw /lw = 1.5 to 2.0 for hw /lw

= 2.0. Where the ratio hw /lw <2.0 , v can not
be less than n .
Where a wall is divided into several
segments by openings, the value of the ratio
hw /lw to be used in calculating
Vn for any
segment is not to be less than the
corresponding ratio for the entire wall.
The nominal shear strength Vn of all wall
segments or piers resisting a common lateral
force is not to exceed 8 Ac v c f ' where Acv is
the total cross-sectional area of the walls.
The nominal shear strength of any individual
segment of wall or pier is not to exceed
10Acp c

f ' where Acp is the cross-sectional

area of the pier considered.
(d) Development length and splices: All
continuous reinforcement is to be anchored
or spliced in accordance with provisions
governing reinforcement in tension, as
discussed for flexural members.
Where boundary elements are present, the
transverse reinforcement in walls is to be
anchored within the confined core of the
boundary element to develop the yield stress in
tension of the transverse reinforcement. For
shear walls without boundary elements, the
transverse reinforcement terminating at the
edges of the walls are to be provided with
standard hooks engaging the edge (vertical)
reinforcement. Otherwise the edge
reinforcement is to be enclosed in U-stirrups
having the same size and spacing as, and
spliced to, the transverse reinforcement. An
exception to this requirement is when V u in the
plane of the wall is less than A c v

f '.

c

0.85.
(f) Provisions of IBC-2000 and UBC-97
related to structural walls: These provisions
treat shear walls as regular members
subjected to combined flexure and axial
load. Since the proportions of such walls
are generally such that they function as
regular vertical cantilever beams, the strains
across the depth of such members (in the
plane of the wall) are to be assumed to vary
linearly, just as in regular flexural
members, i.e., the nonlinear strain
distribution associated with deep beams
does not apply. The effective flange width
to be assumed in designing I-, L-, C- or Tshaped shear wall sections, i.e., sections
formed by intersecting connected walls,
measured from the face of the web, shall
not be greater than (a) one-half the distance
to the adjacent shear wall web, or (b) 15
percent of the total wall height for the
flange in compression or 30 percent of the
total wall height for the flange in tension,
not to exceed the total projection of the
flange.
Walls or portions of walls subject to an
axial load P u > 0.35 P0 shall not be
considered as contributing to the
earthquake resistance of a structure. This
follows from the significantly reduced
rotational ductility of sections subjected to
high compressive loads (see Fig. 10-11(b)).
When the shear V u in the plane of the
wall exceeds A c v

c

(e) Coupling beams: UBC-97 and IBC-2000
provide similar guidelines for coupling beams
in coupled wall structures. For coupling beams
with ln /d =4, where ln = clear length of coupling
beam and d = effective depth of the beam,
conventional reinforcement in the form of top
and bottom reinforcement can be used.
However, for coupling beams with ln /d <4 , and
factored shear stress exceeding 4

provided. The design shear stress in coupling
f ' where f =
beams should be limited to 10 f

f ',
c

reinforcement in the form of two intersecting
groups of symmetrical diagonal bars to be

f ' , the need to develop
c

the yield strength in tension of the
transverse reinforcement is expressed in the
requirement to have horizontal
reinforcement terminating at the edges of
shear walls, with or without boundary
elements, anchored using standard hooks
engaging the (vertical) edge reinforcement
or alternatively, having the vertical edge
reinforcement enclosed in ―U‖ stirrups of
the same size and spacing as, and spliced to,
the horizontal reinforcement.

Shear Wall Boundary Zones - The
detailing requirements for boundary zones,
to be described subsequently, need not be
satisfied in walls or portions of walls where
0 .10 Ag fc '
Pu =

for geometrica lly
symmetricalwall sections

0 .05 Ag fc '

and either
M
u = 1. 0
Vl

otherwise

or

V = 3l h
u

w

w

f '
c

u u

where lw is the length of the entire wall in the
direction of the shear force, and h w is the height
of the wall.
Shear walls or portions of shear walls not
meeting the above conditions and having Pu <
0.35 P o (so that they can be considered as
contributing to the earthquake resistance of the
structure) are to be provided with boundary
zones at each end having a length varying
linearly from 0.25 lw for Pu = 0.35P o to 0.15 lw
for Pu = 0.15 Po , with a minimum of 0.15 lw and
are to be detailed as will be described.
Alternatively, the requirements of boundary
zones not meeting the above conditions may be
based on the determination of the compressive
strain levels at wall edges using cracked section
properties. Boundary zone detailing, however,
is to be provided over the portions of the wall
where compressive strains exceed 0.003. It is
important to note that compressive strains are
not allowed to exceed 0.015.
For shear walls in which the fl exural limit
state response is governed by yielding at the
base of the wall, the total curvature demand
( f t ) can be obtained from:
ft =

+f y

i

( h - l / 2 )l
w

p

p

where
= inelastic deflection at the top of the
i
wall

= ( t - y)
= total deflection at the top of the wall
t
equal
, using cracked section
M
properties, or may be taken as 2
,
M
using gross section properties.
= displacement at the top of wall
y
corresponding to yielding of the
tension reinforcement at critical
section, or may be taken as
( M 'n /ME ) E ,
where
ME equals unfactored moment
at critical section when top of wall is
displaced
. M’n is nominal flexural
E
strength of critical section at P 'u .
hw = height of the wall
lp = height of the plastic hinge above
critical section and which shall be
established on the basis of
substantiated test data or may be
alternatively taken at 0.5
lw
f y = yield curvature which may be
estimated at 0.003/ lw
If f t is less than or equal to 0.003/
c 'u ,
boundary zone details as defined below are not
required. c 'u is the neutral axis depth at P 'u and
M 'n . If f t exceeds 0.003/ c 'u , the compressive
strains may be assumed to vary linearly over
the depth c 'u , and have maximum value equal
to the product of c 'u and f t .
The use of the above procedure is further
discussed with the aid of the design example at
the end of this Chapter.
Shear wall boundary zone detailing
requirements. When required as discussed
above, the boundary zones in shear walls are to
be detailed in accordance with the following
requirements:
(1) Dimensional requirements:
(a) The minimum section dimension of the
boundary zone shall be lw /16.
(b) Boundary zones shall extend above the
elevation where they are required a
distance equal to the development
length of the largest vertical bar in the
boundary zone. Extensions of the
boundary zone lateral reinforcement
below its base shall conform to the same
requirements as for columns terminating

on a mat or footing. However, the
transverse boundary zone reinforcement
need not extend above the base of the
boundary zone a distance greater than
the larger of lw or Mu /4 Vu .
(c) Boundary zones shall have a minimum
length of 18 inches (measured along the
length) at each end of the wall or
portion of wall.
(d) In I-, L-, C- or T-section walls, the
boundary zone at each end shall include
the effective flange width and shall
extend at least 12 in. into the web.
(2) Confinement Reinforcement:
(a) All vertical reinforcement within the
boundary zone shall be confined by
hoops or cross-ties having a steel crosssectional area
Ash >0.09 h fc ' / fyh
(b) Hoops and cross-ties shall have a
vertical spacing,
6 in.
S max <

6 × (diameter of largest ve rtical bar
within boundary zone)

(c) The length-to-width ratio of the hoops
shall not exceed 3; and all adjacent
hoops shall be overlapping.
(d) Cross-ties or legs of overlapping hoops
shall not be spaced farther apart than 12
in. along the wall.
(e) Alternate vertical bars shall be confined
by the corner of a hoop or cross-tie.
(3) Horizontal reinforcement:
(a) All horizontal reinforcement
terminating within a boundary zone
shall be anchored as described earlier,
i.e., when Vu > Acv c f ' , horizontal
reinforcement are to be provided with
standard hooks or be enclosed in Ustirrups having the same size and
spacing as, and spliced to, the
horizontal bars.

(b)Horizontal reinforcement shall not
be lap spliced within the boundary
zone.
(4) Vertical reinforcement:
(a) Vertical reinforcement shall be
provided to satisfy all tension and
compression requirements
indicated by analysis. (Note again
that, in contrast to earlier editions
of the code, there is no longer the
stipulation of rather arbitrary
forces that ―boundary elements‖,
and hence the vertical steel
reinforcement in these, are to be
designed for.)
(b) Area of vertical reinforcement,
0.005 × (area of boundary zone)

A > Two No. 5 bars at each edge of
v
the boundary zone
(c) Lap splices of vertical
reinforcement within the
boundary zone shall be confined
by hoops and crossties. The
spacing of hoops and crossties
confining lap-spliced vertical
reinforcement shall not exceed 4
in.
Discussion:
(a) The use of two curtains of reinforcement in
walls subjected to significant shear (i.e.,
>
2Acv fc ') serves to reduce fragmentation and
premature deterioration of the concrete under
load reversals into the inelastic range.
Distributing the reinforcement uniformly
across the height and width of the wall helps
control the width of inclined cracks.
(b) ACI Chapter 21 allows calculation of the
shear strength of structural walls using a
coefficient a c = 2.0. However, advant age
can be taken of the greater observed shear
strength of walls with low height-to-width
ratios hw /lw by using an a c value of up to 3.0
for walls with hw /lw = 1.5 or less.

The upper bound on the average nominal
shear stress that may be developed in any
individual segment of wall

(10 fc ' ) is

intended to limit the degree of shear
redistribution among several connected wall
segments. A wall segment refers to a part of
a wall bounded by openings or by an
opening and an edge.
It is important to note that ACI Chapter
21 requires the use of a strength-reduction
factor f for shear of 0.6 for all members
(except joints) where the nominal shear
strength is less than the shear corresponding
to the development of the nominal flexural
strength of the member. In the case of
beams, the design shears are obtained by
assuming plastic end moments
corresponding to a tensile steel stress of
1.25fy (see Figure 16). Similarly, for a
column the design shears are determined not
by applying load factors to shears obtained
from a lateral load analysis, but from
consideration of the maximum probable
moment strengths
at the column ends
consistent with the axial force on the
column. This approach to shear design is
intended to insure that even when flexural
hinging occurs at member ends due to
earthquake-induced deformations, no shear
failure would develop. Under the above
conditions, ACI Chapter 21 allows the use of
the normal strength-reduction factor for
shear of 0.85. When design shears are not
based on the condition of flexural strength
being developed at member ends, the code
requires the use of a lower shear strengthreduction factor to achieve the same result,
that is, prevention of premature shear failure.
As pointed out earlier, in the case of
multistory structural walls, a condition
similar to that used for the shear design of
beams and columns is not so readily
established. This is so primarily because the
magnitude of the shear at the base of a
(vertical cantilever) wall, or at any level
above, is influenced significantly by the
forces and deformations beyond the
particular level considered. Unlike the

flexural behavior of beams and columns in a
frame, which can be considered as closecoupled systems (i.e., with the forces in the
members determined by the forces and
displacements within and at the ends of the
member), the state of flexural deformation at
any section of a structural wall (a far-coupled
system) is influenced significantly by the
displacements of points far removed from
the section considered. Results of dynamic
inelastic analyses of isolated structural walls
under earthquake excitation ( 3 ) also indicate
that the base shear in such walls is strongly
influenced by the higher modes of response.
A distribution of static lateral forces
along the height of the wall essentially
corresponding to the fundamental mode
response, such as is assumed by most
codes,( 1 ) will produce flexural yielding at
the base if the section at the base is designed
for such a set of forces. Other distributions of
lateral forces, with a resultant acting closer
to the base of the wall, can produce yielding
at the base only if the magnitude of the
resultant horizontal force, and hence the base
shear, is increased. Results of the study of
isolated walls referred to above, ( 3) which
would also apply to frame—shear-wall
systems in which the frame is flexible
relative to the wall, in fact indicate that for a
wide range of wall properties and input
motion characteristics, the resultant of the
dynamic horizontal forces producing
yielding at the base of the wall generally
occurs well below the two-thirds-of-totalheight level associated with the fundamentalmode response (see Figure 24). This
would imply significantly larger base shears
than those due to lateral forces distributed
according to the fundamental mode response.
The study of isolated walls mentioned above
indicates ratios of maximum dynamic shears
to ―fundamental-mode shears‖ (i.e., shears
associated with horizontal forces distributed
according to the fundamental-mode
response, as used in codes) ranging from 1.3
to 4.0, the value of the ratio increases with

increasing fundamental period (see Figure
23).
(c) Since multistory structural walls behave
essentially as vertical cantilever beams, the
horizontal transverse reinforcement is called
upon to act as web reinforcement. As such,
these bars have to be fully anchored in the
°
boundary elements, using standard 90
hooks whenever possible.
(d) ACI Chapter 21 uses an extreme-fiber
compressive stress of 0.2f c ', calculated using
a linearly elastic model based on gross
sections of structural members and factored
forces, as indicative of significant
compression. Structural walls subjected to
compressive stresses exceeding this value
are generally required to have boundary
elements.
Figure 45 illustrates the condition
assumed as basis for requiring that boundary
elements of walls be designed for all the
gravity loads (W) as well as the vertical
forces associated with overturning of the
wall due to earthquake forces
(H). This
requirement assumes that the boundary
element alone may have to carry all the
vertical (compressive) forces at the critical
wall section when the maximum horizontal
earthquake force acts on the wall. Under
load reversals, such a loading condition
imposes severe demands on the concrete in
the boundary elements
; hence the
requirement for confinement reinforcement
similar to those for frame members
subjected to axial load and bending.
Diaphragms of reinforced concrete, such as
floor slabs, that are called upon to transmit
horizontal forces through bending and shear
in their own plane, are treated in much the
same manner as structural walls.
6. Frame members not forming part of lateralforce-resisting system . Frame members that are
not relied on to resist earthquake-induced forces
need not satisfy the stringent requirements
governing lateral-load-resisting elements. These
relate particularly to the transverse
reinforcement requirements for confinement
and shear. Non-lateral-load-resisting elements,

whose primary function is the transmission of
vertical loads to the foundation, need comply
only with the reinforcement requirements of
ACI Chapter 21, in addition to those found in
the main body of the code.

Figure 45.
Loading condition assumed for design of
boundary elements of structural walls.

The 1994 Northridge earthquake caused the
collapse or partial collapse of at least two
parking structures that could be attributed
primarily to the failure of interior columns
designed to gravity loads only. Following the
experience, the requirements for frame
members not proportioned to resist forces
induced by earthquake motions have been
extensively rewritten for the ACI 95 code. A
flow chart is provided in Figure 46 for ease
in understanding the new provisions. The
requirements are as follows :
A special requirement for non-lateral-loadresisting elements is that they be checked for
adequacy with respect to a lateral displacement
representing the expected actual displacement
of the structure under the design earthquake.
For the purpose of this check, ACI Chapter 21
uses a value of twice the displacement
calculated under the factored lateral loads, or
2 ×1.7 = 3.4 times the displacement due to the
code-specified loads. This effect is combined
with the effects of dead or dead and live load
whichever is critical. If
Mu and Vu for an
element of gravity system are less than the

corresponding nominal values, that element is
going to remain elastic under the design
earthquake displacements. If such an element is
a beam ( Pu = Ag fc '/10), it must conform to
section 2 described earlier for minimum
longitudinal reinforcement requirements. In
addition, stirrups spaced at no more than
d /2
must be provided throughout the length of the
member. If such an element is a column, it must
conform to some of the requirements listed
under sections 2 and 3 for longitudinal and
shear reinforcement. In addition, similar
requirements for cross-ties under section 3(f),
discussion, must be met. Also ties at a
maximum spacing of s o must not exceed six
times the smallest longitudinal bar diameter,
nor 6 in. Further, if Pu > 0.35 Po , the amount of
transverse reinforcement provided must be no
less than one-half that required by 3(f).
If Mu and Vu for an element of gravity
system exceeds the corresponding nominal
values, then it is likely to become inelastic
under the design earthquake displacements.
Also if deformation compatibility is not
checked, this condition will be assumed to be
the case. In that case, the structural material
must satisfy the requirements described in
section 1 and splices of reinforcement must
satisfy section 2(e). If such an element is a
beam ( Pu = Ag fc '/10), it must conform to
sections 2(b), and 2(g)- (5) and (6). In addition,
the stirrups at no more than d/2 must be
provided throughout the length of the member.
If it is a column, it must be provided with full
ductile detailing in accordance wi th section
3(f), 3(g), and 4(a) as well as sections 2(g)-(5)
and (6).
7. Frames in regions of moderate seismic
risk. Although ACI Chapter 21 does not define
―moderate seismic risk‖ in terms of a
commonly accepted quantitative measure, it
assumes that the probable ground-motion
intensity in such regions would be a fraction of
that expected in a high-seismic-risk zone, to
which the major part of Chapter 21 is
addressed. By the above description, an area of
moderate seismic risk would correspond
roughly to zone 2 as defined in UBC-97 ( 1) and

ASCE 7-95. ( 72 )
For regions of moderate
seismic risk, the provisions for the design of
structural walls given in the main body of the
ACI Code are considered sufficient to provide
the necessary ductility. The requirements in
ACI Chapter 21 for structures in moderate-risk
areas relate mainly to frames and are contained
in the last section, section 21.8.
The same axial compressive force (Ag fc '/l 0)
used to distinguish flexural members from
columns in high-seismic-risk areas also applies
in regions of moderate seismicity.
(a) Shear design of beams, columns, or twoway slabs resisting earthquake effects: The
magnitude of the design shear is not to be
less than either of the following:
(1) The sum of the shear associated with
the development of the nominal
moment strength at each restrained end
and that due to factored gravity loads, if
any, acting on the member. This is
similar to the corresponding
requirement for high-risk zones and
illustrated in Figure 16, except that
the stress in the flexural tensile
reinforcement is taken as fy rather than
1.25 fy .
(2) The maximum factored shear
corresponding to the design gravity and
earthquake forces, but with the
earthquake forces taken as twice the
value normally specified by codes.
Thus, if the critical load combination
consists of dead load (D)+ live load (L)
+earthquake effects
(E), then the
design shear is to be computed from
U= 0.75[1.4 D+ 1.7 L+ 2(1.87 E )]
(b) Detailing requirements for beams: The
positive moment strength at the face of a
joint must be at least one-third the negative
moment capacity at the same section. (This
compares with one-half for high-seismicrisk areas.) The moment strength—positive
or negative—at any section is to be no less
than one-fifth the maximum moment
strength at either end of a member. Stirrup
spacing requirements are identical to those
for beams in high-seismic-risk areas.

However, closed hoops are not required
within regions of potential plastic hinging.
It should be noted that lateral reinforcement
for flexural framing members subjected to
stress reversals at supports to consist of
closed ties, closed stirrups, or spirals
extending around the flexural reinforcement
as required according to chapter 7 of ACI
318-95.
(c) Detailing requirements for columns: The
same region of potential plastic hinging ( lo )
as at the ends of columns in a region of
high seismicity is defined at each end of a
column. The spacing of ties within the
region of potential plastic hinging must not
exceed the smallest of 8 times the diameter
of the smallest longitudinal bar enclosed;
24 times the diameter of the tie bar; or Onehalf the smallest cross-sectional dimension
of the column, and 12 in. Outside the region
of potential plastic hinging, the spacing
must not exceed twice the above value. The
first tie must be located at no more than half
the above spacing from the joint face.
(e) Detailing requirements for two-way
slabs without beams: As mentioned
earlier, requirements for flat plates in
ACI Chapter 21 appear only in the
section relating to areas of moderate
seismic risk. This suggests that ACI
Chapter 21 considers the use of flat
plates as acceptable components of the
lateral-load-resisting system only for
areas of moderate seismicity.
Specific requirements relating to flat-plate
and flat-slab reinforcement for frames in
moderate-risk zones are given in ACI Chapter
21 and illustrated in the corresponding
Commentary.

10.5

DESIGN EXAMPLES —
REPRESENTATIVE
ELEMENTS OF A 12STORY FRAME - SHEAR
WALL BUILDING

10.5.1

Preliminaries

A significant part of the damage observed in
engineered buildings during earthquakes has
resulted from the effects of major structural
discontinuities that were inadequately provided
for. The message here is clear. Unless proper
provision is made for the effects of major
discontinuities in geometry, mass, stiffness, or
strength, it would be prudent on the part of the
engineer to avoid such conditions, which are
associated with force concentrations and large
ductility demands in localized areas of the
structure. Where such discontinuities are
unavoidable or desirable from the architectural
standpoint, an analysis to obtain estimates of
the forces associated with the discontinuity is
( 6 1)
recommended. IBC-2000
provides
guidelines for estimating design forces in
structures with various types of vertical and
plan irregularities.
In addition to discontinuities, major
asymmetry, with particular regard to the
disposition in plan of the lateral-load-resisting
elements, should be avoided whenever possible.
Such asymmetry, which can result in a
significant eccentricity between the center of
stiffness and the center of mass (and hence of
the resultant inertial force), can produce
appreciable torsional forces in the structure.
Torsional effects can be critical for corner
columns or end walls, i.e., elements located far
from the center of stiffness.
Another important point to consider in the
preliminary design of a structure relates to the
effectiveness of the various lateral-loadresisting components, particularly where these
differ significantly in deformation capacity.

No Yes

Figure 47.

Mu > f M n

Relative deformation capacity in lateral-load-resisting elements in structure

the principal lateral-load-resisting elements in a
structure be of about the same magnitude
whenever practicable. This is illustrated in
Figure 10-47a, which shows load—deformation
curves of representative elements (1) and (2) in
a structure. Such a design allows all the
resisting elements to participate in carrying the
induced forces over the entire range of
deformation. In Figure 10-47b, the resisting
elements (1) and (2) not only possess different
initial stiffnesses but, more importantly, exhibit
different ductilities (not
ductility ratios) or
deformation capacities. In such a case, which is
typical of a frame—shear-wall structure, the
design should be aimed at insuring that the
maximum probable deformation or lateral
displacement under dynamic conditions does
not exceed the deformation capacity
of
2
element (2); or, if the maximum expected
deformation could exceed 2 , then element (1)
should be so designed that it can support the
additional load that may come upon it when
element (2) loses a considerable part of its loadcarrying capacity. It is worth noting that,
generally, the lateral displacements associated
with full mobilization of the ductility of rigid
(open) frames are such that significant
nonstructural damage can be expected. For this

reason, the building codes limit the amount of
deformation that can be tolerated in the
structure.
The need to tie together all the elements
making up a structure or a portion of it that is
intended to act as a unit cannot be
overemphasized. This applies to the
superstructure as well as foundation elements.
Where a structure is divided into different parts
by expansion joints, as when the various parts
differ considerably in height, plan size, shape,
or orientation, a sufficient gap should be
provided between adjacent parts to prevent their
pounding against each other. To avoid
pounding between adjacent buildings or parts of
the same building when vibrating out of phase
with each other, a gap equal to the square root
of the sum of the squares (SRSS) of the
maximum lateral deflections (considering the
deflection amplification factors specified in
building codes) of the two structures under the
design (code-specified) lateral forces, or the
SRSS of the maximum deflections of the two
structures as indicated by a dynamic analysis,
would be desirable.
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